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CHAPTER 1 
INTRODUCTION 
1 . 1 Genera 1 
IIThere is nothing permanent but change II (Aristotle). These wise 
words spoken many years ago are still true today and categorically summarize 
the state of bridge structures. 
Bridge structures are subjected to a complex environmental expo-
sure that changes with time. The ambient air temperature, solar radiation, 
air velocity and humidity are the most significant parameters related to the 
changes of bridge temperatures (43). The thermal response of concrete 
bridges is consequently a very complex phenomenon which is traditionally 
ignored in conventional design (8, 30). Apart from the provisions for gross 
expansion and contraction only marginal attention was, and to some extent 
still is, given to the more complex temperature distribution and variation 
within bridge structures. 
1.2 Stress Inducing Constraints 
Uniform temperature changes in a bridge structure which consists 
of homogeneous and isotropic material will cause axial deformation. A 
varying temperature distribution through a bridge produces flexural as well 
as axial deformation. In an externally unrestrained condition the bridge 
superstructure will deform and induce internal stresses due to both the 
incompatibility of expansion (or contraction) between the cement mortar 
and the aggregate and selfequilibration of thermally induced strains and 
stresses if the temperature distribution is nonlinear. The self-equilibrating 
stresses are caused by the internal restraints that arise when plane sections 
are forced to remain plane (Bernoulli-Navier hypothesis). The self-equilibrat-
ing stresses are analogous to residual stresses in a hot-rolled steel section, 
in that they lead to no net external force such as axial force or bending 
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moment, but at the same time these stresses are able to significantly modify 
the response of the member to external forces. 
If partial or full external restraint is imposed on the structure 
additional internal stresses develop .. For example, in the case of a con-
tinuous bridge the compatibility requirements at the supports cause addi-
tional stresses when the flexural deformation is altered. Statically inde-
terminate structures are subjected to these additional continuity stresses 
which balance imposed temperature loads. The stresses due to temperatures 
are strain induced, which indicates that thermal stresses will exist only 
when the free strains are altered. 
1.3 Temperature Distribution in the Bridge Superstructure 
Due to the relatively low thermal conductivity of concrete the 
flow of heat due to insolation on the top surface of the bridge is very slow. 
During the day temperature differentials exist through the bridge super-
structure so that the deck upper surface can be at~ substantially higher 
temperature than the bridge soffit. Because limited data are available in 
the area of temperature distributions which, in turn, are caused ~y a wide 
range in intensities of weather parameters, the temperature distributions 
proposed by different researchers are equally diverse. 
Leonhardt and Lippoth (37) proposed a linear temperature differ-
ential, varying from a maximum at the top to zero at bottom of hollow bridge 
sections. It is, however, generally accepted that the temperature distribu-
tion through a bridge superstructure is nonlinear (5, 6, 8, 34, 55). 
Priestley (19) suggested a sixth order parabola decreasing from 30°C at the 
concrete deck to zero at a depth of 1370 mm, regardless of section type. He 
later suggested a fifth order curve to replace the above mentioned sixth 
order relationship (24). A small linear temperature distribution near the 
bridge soffit was also added. Between these apparent extremes in the com-
plexity of proposed temperature distribution curves there are a range of 
published curves supported by a variable amount of research and a range of 
weather conditions uhder which the tests were conducted (5, 7, 9, 10, 16, 62). 
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Although the main concern i~ the vertical temperature di~~ribution, 
a temperature distribution in the transverse direction is also important when 
most radiation by the sun is on one side of the bridge and the other side 
cools down due to shade effects. 
1.4 Temperature Induced Stresses 
The distribution of temperatures within bridge members due to 
daily changes can cause thermal stresses which are comparable in magnitude 
to those induced by live load (26). In work by Liu and Zuk (44) on pre-
stressed concrete composite sections, transverse slab stresses of 6.9 MPa 
(1000 psi) compression and 5.5 MPa (800 psi) tension were calculated. 
These stresses were obtained for a 14°C (25°F) temperature differential 
through the prestressed slab and beams. With only minimum AASHTO (71) 
reinforcement, excessive cracking could be caused. 
Priestley (19,20,24) correlated results obtained on a 1/4th scale 
model box girder with results from prototype tests and theoretical calcula-
tions. At cantilever slab edges maximum temperature differentials of about 
30°C (59°F) were found which 'induced compression stresses in the order of 
7 MPa (1021 psi). Continuity stresses of 5.5 MPa (802 psi) compression and 
7.1 MPa (1030 psi) tension were measured. Measurements on the Champignysur-
Vonne bridge (61) showed that redistributions of end support dead load reac-
tions due to temperature effects on continuous bridges can be as much as 
26 percent. 
1.5 Bridge Codes 
The design specifications and recommendations from various bridge 
agencies world wide vary widely, ranging from no requirement at all to speci-
fied temperature differences which cause stresses comparable to service load 
stresses (26). The fact that temperature considerations are sometimes ignored 
in design in the USA can be attributed to lack of knowledge in this area as 
well as shortcomings in the current AASHTO Code (71). The AASHTO Code makes 
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only provlslon for stresses, and axial expansion and contraction, due to 
probable unifonn temperature changes in a structure. Recently a Committee 
on Bridge Loads (75) proposed a temperature distribution consisting of 
three linear portions to be considered in bridge superstructure design (see 
Fig. 1.1). 
The German Code DIN 1072 (76) allows for a temperature distribution 
which decreases linearly from the upper surface of the bridge to 5°C lower 
at the soffit. Leonhardt (39) recommended recently that this interval be 
increased to 15°C for bridges in a maritime climate and 20°C in continental 
or mountainous climates. 
The original New Zealand recommendation (78) of a constant higher 
temperature only in the top slab was replaced by a highly nonlinear sixth 
order curve throughout the depth of the structures (79). This was once again 
changed to a curve consisting of a fifth order portion, a zero temperature 
change and a linear portion. The maximum value of the curve depends on the 
thickness of the blacktop layer. In a review article White (8) discusses 
two other design recommendations, one linear and the other quite nonlinear. 
The two British specifications BS 153 (73) and BS 5400 (74) are both still 
in effect. The temperature distribution curves for a 2 m deep structure 
with a 50 mm blacktop surface as recommended by the different codes are shown 
in Fig. 1.2. 
Despite the ignorance of some engineers concerninq this subject 
there ;s a growing awareness among designers of the problem of differential 
temperatures in bridge structures (8, 15, 24). There is an increase in the 
use of longer and bigger continuous prestressed concrete shallow depth box 
girder bridges and T-beam bridges. Distress attributed to differential 
temperatures has been observed in these types of bridges (9). 
1.6 Damage to Structures Due to Nonlinear Temperature Stresses 
Leonhardt et ale (36) cited cracks as wide as 5 mm (0.2 in.) in the 
Jagst bridge in Germany which were mainly attributed to differential tempera-
tures. There were, however, also deficiencies in the distribution and 
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quantity of deformed bar reinforcement that contributed to the size of the 
cracks. 
Leonhardt et al. (37) and Weber (41) reported serious cracks in the 
bottom fiber near interior supports. of a number of continuous prestressed 
concrete bridges. The cracking was traced to high thermal tensile stresses 
acting at a section where the combination of dead load and post-tensioning, 
due to large primary and secondary moments from the post-tensioning system, 
resulted in small precompression. Damage done on New Market Viaduct in New 
Zealand due to similar causes (19) instigated extensive research projects in 
that country. Huizing et ale (14) reported on falsework collapse at 
Karangahape Road Ramp which was a continuous box girder bridge. In this 
case vertical temperature differences caused a large redistribution of the 
dead load of the superstructure on the fa1sework. Williams .et a1. (68) 
reported damage to an automobile parking structure which resulted from 
temperature differences that caused significant slopes at the ends of mem-
bers and cracks in supports. 
Temperature related problems ~re encountered in the design of 
highway bridges in the USA. This was evident from the replies of 40 state 
highway departments and 96 consulting engineers to a survey (43) which can be 
summarized: 
a) A desire exists for a rational method of design which accounts 
for thermal effects. 
b) Information is needed on the actual movements of different 
types of bridges and the actual temperature distribution caused by the 
variation with time of ambient temperature and radiation. 
1.7 Thesis Objectives 
The primary aim of this research is to expand and rationalize the 
state of knowledge about the thermal response of highway bridges, especially 
continuous prestressed highway bridges. This was accomplished by relating 
research done in this field to practical design methods. 
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Specific topics to be addressed include: 
a) Identification and analysis of the factors which determine 
the magnitude of temperature differences and changes, especially their 
applicability in United States. 
b) Determination of a rerresentative temperature distribution 
or distributions for concrete bridges . 
• 
c) Determination of the relationship between different tempera-
ture distributions and the induced stresses and strains and how they are 
related to creep- and shrinkage-induced bridge behavior. 
d) Determination of the·interrelationship of thermal stresses 
and gravity-related stresses on bridge design. 
e) Formulation of rational guidelines for the accommodation of 
thermal loadings in design and the evaluation of their importance in the 
design process. 
1.8 Scope 
The introductory chapter contains evidence of the necessity to 
study temperature effects on bridges. A literature review covering the pri-
mary parameters which influence temperature distributions is presented in 
Chapter 2. 
Chapter 3 is devoted to the development and discussion of numerical 
methods used in this study to determine the flow of heat through a bridge 
superstructure. The computer programs which were develored for heat flow 
analyses are discussed with reference to the appendices attached to this 
report. The discussion of other programs developed, which include an in-
fluence line program to compute the bridge live load envelope, a bridge pro-
gram to compute the service stresses of a mUltispan prestressed bridge, and 
a program to determine temperature-induced moments and stresses are also 
included in the chapter. Thermal loading is never the only influence on 
bridge structures. The purpose of using these individual programs is to 
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determine the importance of thermal loading relative to other effects for 
the design process and to compute total service moments and stresses when 
temperature effects are included. 
A field study was done on. the Kishwaukee River Bridge to determine 
the extent to which theoretically determined temoerature distributions agree 
with reality. The results obtained are(discussed in Chapter 4. A study of 
the influence of creep and shrinkage as well as dead and live loads on bridge 
behavior is also included. 
The estimated variation of· temperature distributions in bridge 
structures for different parts of the country is discussed in Chapter 5. 
Attention was given to the infl~ence of specific weather parameters and 
bridge wearing surface conditions on the temperature distributions. 
In Chapter 6 ~he generalized response of different types of bridge 
cross sections is discussed. Bridges with specific span configurations which 
result in higher risk of cracking due to temperature loading are identified. 
Specific simplications are made in the .calculation of bridge thermal stresses 
which may prove very useful in bridge design. The transverse response of 
bridges to thermal loads is also discussed. 
Chapter 7 consists of a general discussion of thermal effects on 
bridge behavior and contains recommendations for the accommodation of thermal 
effects in bridge design. Conclusions and recommendations for further work 
are reported in Chapter 8. 
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CHAPTER 2 
REVIEW OF CURRENT LITERATURE 
2.1 Introduction 
Bridge structures are subjected to a complex environmental exposure 
that changes continually with time. The environment of a bridge structure 
has not only a significant influence on the creep and shrinkage behavior of 
the bridge, but is also the main contributing factor to a variety of thermal 
effects in the bridge. 
Structures exposed to the atmosphere are subjected to an exchange 
of heat energy between their surfaces and their surroundings. .The result of 
this condition is that an unsteady state thermal condition is always present 
within a bridge structure. This condition can also be described by a tempera-
ture distribution that is a superposition of a steady state average heat flow 
between the top and bottom surfaces of a bridge structure and an hourly 
changing variation near the surfaces (10). 
2.2 Heat Mechanisms 
The rate or amount of heat energy exchanged depends on various 
factors. There are three principle mechanisms involved: (8) 
a) radiation from the sun and re-radiation of the surroundings 
and the structure itself; 
b) convection of heat to and from the surroundings; 
c) conduction to and from the surroundings. 
2.2.1 Heat Transfer by Radiation 
Although heat transfer on the outer boundaries of the structure is 
a combination of radiation and convection, radiation can be considered as the 
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mechanism of prime importance (22). During the day there is a net gain in 
heat energy due to solar radiation impinging on the structure. The amount 
of energy which is lost through reflection depends on the surface color. 
Conversely, during the night there is a net energy loss due to the reradia-
tion of energy which is stored in the structure to the surroundings. 
Kehlbeck (34) proved that the amount of insolation received depends on the 
inclination of the structure to the sun. 
The intensity of solar radiation which finally impinges on the 
structure surface depends on several atmospheric conditions. Kehlbeck (7) 
categorized radiation into shortwave and longwave radiation: Shortwave 
radiation (wavelength 0.3 to 2.0 ~m) is primarily direct radiation from the 
sun, although some diffused radiation from the sky is also included in this 
category. Longwave radiation (wavelength 6 to 60 ~m) is emitted from any 
object in which energy is stored. Although the latter type of radiation is 
somewhat inferior to shortwave radiation as a source of heat, it accounts 
for a significant exchange of surface heat energy at night. Loss by 10ng-
wave radiation can result in nighttime surface temperatures which are lower 
than that of surrounding air. 
2.2.2 Heat Transfer by Conduction and Convection 
Convection heat transfer occurs at the surfaces when a temperature 
difference exists between the surfaces and surrounding air and is accentuated 
by air movement past the surface. Heat transfer by conduction to the sur-
rounding air which is not associated with convection is very small. 
Temperature changes induced by these sources depend on a number of 
factors, e.g. (5): 
a) Latitude of the bridge structure. 
b) Orientation of the bridge deck to the sun. 
c) Time of the day and season. 
d) Degree of cloudiness and relative humidity. 
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e) Nature and color of the bridge deck surface. 
f) Thermal properties of constituent materials of the bridge. 
The different heat energy factors influencing bridge temperatures 
are shown diagrammatically in Fig. 2.l. This diagram was developed from 
similar representations by Kehlbeck (34), Priestley (22), and Radolli et al. 
(5). 
2.3 Temperature Distributions 
Comprehensive equations governing the solar heat energy input at . 
the upper surface of a bridge deck are normally selected (15, 52, 55, 97) 
for the thermal analysis of bridges. They are formulated as sinusoidal radia-
tion variations, e.g. (57) 
I (t) 2S 2 T sin a 
where I (t) intensity of solar variation at solar time t, 
S = total radiation during the day, 
a = 
TIt 
and L' T 
Lr = length of solar day. 
Hunt and Cooke (15) suggested the use of numerical values of normal heat flux 
from the sun, which can be calculated according to the methods of Threlkeld 
(95) or obtained from oast meteorological records. The Threlkeld method was 
used in this dissertation and is discussed in more detail in Appendix J. 
Barber (97) developed equations for the relationship between pavement 
temperature and wind, precipitation, air temperature and solar radiation as 
influenced by the thermal properties of the pavements. Zuk (46) derived 
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mechanism of prime importance (22). During the day there is a net gain in 
heat energy due to solar radiation impinging on the structure. The amount 
of energy which is lost through reflection depends on the surface color. 
Conversely, during the night there is a net energy loss due to the reradia-
tion of energy which is stored in the structure to the surroundings. 
Kehlbeck (34) proved that the amount of insolation received depends on the 
inclination of the structure to the sun. 
The intensity of solar radiation which finally impinges on the 
structure surface depends on several atmospheric conditions. Kehlbeck (7) 
categorized radiation into shortwave and longwave radiation: Shortwave 
radiation (wavelength 0.3 to 2.0 ~m) is primarily direct radiation from the 
sun, although some diffused radiation from the sky is also included in this 
category. Longwave radiation (wavelength 6 to 60 ~m) is emitted from any 
object in which energy is stored. Although the latter type of radiation is 
somewhat inferior to shortwave radiation as a source of heat, it accounts 
for a significant exchange of surface heat energy at night. Loss by long-
wave radiation can result in nighttime surface temperatures which are lower 
than that of surrounding air. 
2.2.2 Heat Transfer by Conduction and Convection 
Convection heat transfer occurs at the surfaces when a temperature 
difference exists between the surfaces and surrounding air and is accentuated 
by air movement past the surface. Heat transfer by conduction to the sur-
rounding air which is not associated with convection is very small. 
Temperature changes induced by these sources depend on a number of 
factors, e.g. (5): 
a) Latitude of the bridge structure. 
b) Orientation of the bridge deck to the sun. 
c) Time of the day and season. 
d) Degree of cloudiness and relative humidity. 
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suitable equations to adapt these equations for the calculation of.maximum 
surface temperatures of normal concrete decks as well as bitumen-covered 
decks. In Zuk's case descrepancies of about 10 percent between experimental 
and theoretical data were attributed to the deviation of actual diurnal sur-
face temperature from the theoretical derived sinusoidal variation. It 
should be mentioned that the above mentioned equations have only been checked 
on structures in the Middle Atlantic States of the' USA. Factors controlling 
the heat gained or lost by a superstructure differ from those present in 
pavements so that direct application of Barberis equations to superstruc-
tures is not justified. 
Different investigations have been conducted to relate meteorological 
data to overall bridge behavior. Black et ale (48), and Emerson (50~56) 
correlated maximum and minimum shade temperatures in the United Kingdom. 
Other British researchers (49, 58) also used weather bureau data records 
in an attempt to define the response of bridges to changes in the environ-
ment. Steward (11) calculated the apparent coefficients of thermal expansion 
of bridges by using the recorded temperatures from a nearby meteorological 
station. Houk et al. (35) conducted tests on small unreinforced concrete 
beams to study the effects of thermally induced volume changes in massive 
concrete structures at locations of high restraint. They determined that 
the magnitude of thermal stress and strain values at extreme fibers were 
significantly near test failure. 
2.4 Bridge Temperatures 
In order to avoid confusion it is necessary to define several terms 
which are closely related to the thermal response of bridges. The definitions 
described here are similar to those used by Emerson (55): 
a) T~~perature distribution is the variation of temperature through 
a vertical section of a bridge deck at a given instant of time. 
b) Temperature difference at a given depth is defined as the dif-
ference between the temperature of the deck surface and the temperature of 
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the superstructure at the specified depth. This depth is normally at the 
position where the temperature is a minimum at that instant. 
c) A positive temperature difference means that the temperature 
of the deck surface is higher than th~ temperature at a specified depth. 
Reversed or negative temperature difference has the opposite meaning. 
d) The maximum temperature difference, whether positive or re-
versed, is obtained from the temperature distribution and is the maximum 
value of the difference in temperature between the deck surface and coldest 
or hottest area of the superstructure during a specified time period. 
e) Temperature gradient is the rate of change in temperature with 
depth of the superstructure. 
f) The effective temperature of a bridge is defined .as the 
temperature which governs the longitudinal movement of the deck. It is de-
rived from the sum of products of areas between isotherms and their mean 
temperatures, divided by the total area of the cross section of the deck. 
2.5 Heat Flow in Bridge Superstructures 
2.5.1 General 
The need for extensive research on the thermal behavior of bridges 
and its implementation in design was expressed editorially in 1960 (2). 
Since then the information about thermal effects in superstructures in-
creased considerably, while bridge columns received much less attention. 
Stephenson (105) was concerned with the allowance for differential tempera-
tures in the design of tall slender columns for bridges. He studied the 
variation of temperature within a column and the influence of this variation 
on the strain and displacement of columns. 
The soffit of a bridge will have a temperature that is close to 
the ambient shade temperature (46), while that of the upper and side por-
tions will vary depending on the amount of solar radiation, wind speed, and 
the amount and type of precipitation. 
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Zuk (45-47) studied several· steel and concrete composite .bridges 
to determine their heat conduction behavior, as well as induced thermoelastic 
stresses and deformations. He found that air temperature, wind speed, 
humidity, intensity of solar radiation and type of material affect the bridge 
temperature distribution. There is· a lag of several hours between peak air 
and surface temperatures (the latter is primarily determined by solar radia-
tion), with the surface temperature generally leading the air temperature. 
He determined that the bridge deck obtains an extreme temperature (either hot 
or cold) which rapidly decays with depth, so that at approximately mid-depth 
the temperature is virtually the same as at the bottom of the slab. He also 
developed formulae for maximum temperature differences within an unsurfaced 
concrete composite bridge. 
Alliy (42) determined that o~ hot sunny days with mild winds the 
top surface of composite bridges can obtain temperatures substantially higher 
than ambient air temperature, thus causing considerable thermal stresses at 
the interface between girders and the deck slab. 
2.5.2 Theoretical Comoutation of Bridge Heat Flow 
Rambhai (29) developed a three-dimensional heat flow finite element 
program. He found good agreement between theoretical and measured tempera-
ture distributions in a model bridge and a prototype box girder bridge. He 
also concluded that longitudinal heat flow was negligible in typical sec-
tions. At sections near bridge diaphragms where longitudinal heat flow took 
place his program accurately predicted the temperature distribution. 
Lanigan (17) developed a two-dimensional heat flow finite element 
program which ignores longitudinal heat flow. Good agreement was obtained 
between computer results and model and prototype tests. McQuillan (18) im-
proved the accuracy of Lanigan's computer model by using a higher order tri-
angular element in the finite element analysis. 
I 
Krishnamurthy (63) was concerned with changes of reactions and 
deflections due to temperature loads. He developed a two-dimensional finite 
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difference program, neglecting longitudinal heat flow, to compute temperature 
distributions and bridge reactions. Good agreement was obtained between 
theoretical results and measurements on prototype bridges. 
Emerson (52) successfully applied an iterative method based on 
linear flow of heat to determine temperature distributions in bridges. The 
starting assumptions were made as one of two options: 
a) If a positive temperature distribution develops during the 24 
hour period (e.g., in summer) the distribution at 800 hours was chosen 
as uniform through the depth of the cross section. 
b) If a reversed temperature distribution develops during the 24 
hour period (e.g., in winter) the distribution at 1600 hours was chosen as 
uniform through the depth of the cross section. More accurate .results were 
obtained when temperatures obtained from experimental data were used for the 
starting temperature distribution. 
Jones (57) developed a finite difference computer program based on 
Emerson's work to calculate temperature differentials produced by various 
conditions of shade temperature, insolation and wind speed. His computer 
program made only provision for bridge sections which consist of one material. 
He concluded that while the effective bridge temperature varies considerably 
with shallow depth of construction, the geographic location of the bridge has 
a minimal influence. It must be mentioned that his results were only veri-
fied for conditions which exist in the United Kingdom. 
Radoll; et ale (4) adopted a finite difference method similar to 
that of Emerson (52) and concluded that a temperature-depth relationship is 
desirable for design purposes and that the idealized one-dimensional heat 
flow analysis is too cumbersome to be used routinely in design. 
Kehlbeck (35) assumed that atmospheric conditions acting on a 
structure could be expressed in terms of periodic functions. He developed a 
solution to the one-dimensional heat flow equation based on the fact that 
harmonic boundary conditions yield harmonic functions. The results were 
verified with measurements on a box girder bridge near Frankfurt. However, 
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the use of his complex method cannot be justified for general design purposes 
because of the usual lack of adequate weather data. 
Hunt et a1. (15) used a problem formulation very similar to that 
of Emerson (52). The main difference, however, is that in their model two 
different layers of bridge material were allowed. The theoretical formula-
tion to cope with this condition was based on classical work in the field 
of heat flow (57). They compared their theoretica) results (16) with model 
tests done by Priestley (20) on a 1/4th scale prestressed concrete box girder 
bridge which was the only model available at that time. Although they ob-
tained very good agreement between experimental and theoretical values their 
boundary conditions were questioned by Priestley et ale (23). This criticism 
does not disprove the firm theoretical basis and validity of their methods. 
Thurston (30) considered mass concrete structures'subjected to 
heat of hydration effects. He als~ studied cracked reinforced concrete 
bridges and partially prestressed bridges under diurnal insolation and 
ambient thermal fluctuations. He developed a linear heat flow model for 
the prediction of bridge temperatures which includes heat of hydration effects 
and stresses from creep and shrinkage. The theoretical results were in good 
agreement with experimental data. Model tests were done on two 1/5th scale 
reinforced concrete T-section beams, a continuous 1/5th scale prestressed 
box girder beam, and a continuous 1/7th scale prestressed T-section beam. 
Thurston determined from ultimate load tests in which thermal loads acted 
simultaneously with other structural loads that the temperature loads may 
change the sequence of yielding, but have very little influence on the final 
ultimate loads. He also concluded that creep due to temperature changes 
through the diurnal cycle is negligible. For normal reinforced concrete 
bridges cracking occur under dead load even without thermal loading. Reduc-
tions in thermal continuity moments, commensurate with the reduced flexural 
rigidity, occur so that moment redistribution takes place. 
Priestley (26, 27) studied seven different shapes of bridge sec-
tions which he considered reasonably representative of the range of sections 
used in New Zealand. Preliminary analyses indicated that extreme temperature 
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distributions were not particularly sensitive to the thermal properties of 
the bridge materials. He used Lanigan's (17) finite element program (22) 
as well as a multilayer linear heat flow analysis to compare temperature 
predictions for a continuous box girder bridge in New Zealand. Close 
agreement was found between the two methods and measured results. Various 
other bridges were instrumented (21,25) to verify these computer methods. 
Priestley also studied the influence of variations in· average wind speed, 
daily ambient temperature range, blacktop thickness and surface solar absorb-
tivity on the thermal response of bridges (24, 26, 27). An increase in wind 
speed dramatically reduces the thermal response. An increase in the ambient 
temperature range during a critical day decreases the maximum soffit tension. 
(The opposite result was obtained in this study as will be discussed in 
Chapter 5). An unsurfaced structure can have a response which is 50 percent 
larger than for the same structure with a 50 mm blacktop. 
Rahman et al. (100, 101) developed a finite element program capable 
of computing thermal stresses and displacements in continuous skew slab 
girder bridges. Program results were in very good agreement with results 
from a model test. Thermal stresses and deflections are influenced con-
siderably by the skewness of the bridge. The uplift tendency created in 
this case by thermal loads is more oronounced over intermediate piers than 
in rectangular bridges. The uplift increases with an increase in the skewness. 
2.6 Measured Temperature Differences 
2.6.1 Difficulty of Comparisons 
Several different researchers have made temperature distribution 
measurements on prototype bridges. It is surprising that very little data 
on measured differential temperatures in concrete bridges in the United 
States are available from the references cited. 
The results from different bridges cannot be directly compared due 
to unrelated variations in factors such as: 
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a) Geographic placement of· bridge structures on separate conti-
nents and in different countries, 
b) The local environmental conditions, i.e., humidity, shading, 
exposure to wind and wind speed, 
c) Differences in cross sections and longitudinal shapes, 
d) Differences in superstructure and paving materials. 
Despite these problems the results which were published may show 
specific trends in bridge thermal behavior to guide further research. Pub-
lished differentials are generally lower than the maxima theoretically de-
rived from extreme weather data because: (30) 
a) The measurements are not usually obtained on days of extreme 
weather conditions; 
q) The bridge may not be exposed to the most extreme weather 
conditions for the specific area; 
c) The bridge temperatures are in many cases recorded underneath 
the top surface and not on the top surface where extreme temperatures are 
expected. The accurate measurement of surface temperatures may also pose a 
difficult problem in many cases. 
2.6.2 Published Temperature Difference Values 
Bosshart (32) concluded that a large percentage of the total stress 
in continuous spans can be caused by thermal effects. He measured maximum 
vertical temperature differences of up to 22°C on a reinforced concrete 
bridge. Temperature differences of this magnitude gave rise to thermal 
stresses at midspan that were equal to or three times as high as the maximum 
live load stress for the bottom and top fibers, respectively. Bridges for 
which temperature differences were measured and reported with more complete 
infonmation about the individual cross sections are listed in Table 2.1 and 
will be described briefly. 
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Maher (-106) described measuremOents on bri dges sti 11 Linder construc-
tion in England and Australia, i.e., the Western Avenue Extension Bridges in 
England and the Victoria Bridge, Adelaide, Australia, a dual cavity box 
girder bridge of variable depth. Maximum temperature differences between 
12°C and 17°C were obtained. Price (67) and Lee (64) recorded temperature 
differences of about 10°C in the Medway Bridge, England~ during unusually 
hot sunny days. The hottest day in 20 years producedoa value of 14°C and 
induced a thermal compression of 3.85 MPa in the top fiber (64). Emerson 
(51, 55) did extensive research on the effective temperatures of bridges 
with some reference to temperature distributions. The research covered the 
Adur, Coldra, Mancunian, Hammersmith, Medway and Marlow~Bisham concrete 
bridges in England. With two exceptions all bridges have box girder cross 
sections. 
Bryant et al. (12) reported on the temperature history of two 
bridges, the Bell Street Bridge in Australia and the Newmarket Viaduct in 
New Zealand. The first is a 211 m long segmentally constructed five span 
bridge and the second a 688 m long double.cel1 continuous prestressed bridge. 
Wood (31) published temperature measurements obtained by extensive instru-
mentation of five different bridges in New Zealand since 1970. The bridges 
are a) the Newmarket Viaduct (also reported by Bryant (12)); b) the Grafton 
Gully No. 1 Bridge, Auckland City, a straight continuous three span bridge; 
c) the Bowen Street Overpass, Wellington, which consists of three trapezoidal 
box girder spines joined by deck slab extensions; d) the Lower Shotover River 
Bridge near Queenstown, a two lane eleven span bridge; and e) the Thorndon 
Overbridge, Wellington City, a structure of precast post-tensioned I beams 
with in situ slabs. This multi span simply supported bridge has span lengths 
of 42 m maximum. 
Hoffman et al. (62) discussed results of temperature distribution 
readings taken on a segmentally constructed prestressed box girder bridge 
near University Park, Pennsylvania. He obtained temperature distributions 
comparable to those suggested by Priestley (24) for the New Zealand Code. 
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2.6.3 Discussion 
In many cases the researchers comment that temperature measurements 
were not made on days of absolute extreme weather conditions. However, the 
absolute maximum ~emperature differences have a very long recurrence period 
and may not represent the extreme temperature differences which can be 
expected to occur during average years. The results were obtained mainly 
from box girder bridges with a variety of blacktop thicknesses. 
The listed temperature differences range between 11°C and 30°C. 
It is clear that the results obtained for bridges in England are markedly 
lower than for those in New Zealand, but the thickness of blacktop surfaces 
is much larger in the first case. The sparsity of data for countries other 
than England and New Zealand indicates the need for extensive field measure-
ments to complement theoretical work in the area of bridge temperature 
distributions. 
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CHAPTER '3 
THEORETICAL DEVELOPMENT OF EQUATIONS FOR COMPUTER ANALYSES 
3.1 Heat Conduction Equations 
The three general processes of heat transfer are conduction, con-
vection and radiation. All three modes are involved in the heat transfer 
process which takes place in bridges. These thermal processes have been 
discussed by a number of resear'chers (15,30, 84,95). 
3.1.1 Heat Conduction Inside a Bridge 
Solution for thermal conduction problems are based on the empirical 
expression called Fourier's law (95) .. 
q = -k A*" (3.1) 
where k = conductivity [W/m- °C] ,. 
A surface area 2 = [m ] , 
T = temperature [OC] , and 
y thickness along heat flow axis em]. 
By considering the heat flow at a point in the three orthogonal 
directions and ignoring heat generation inside the body it can be shown that 
where 
aT 
p c at ' 
p = material density [kg/m3] 
c = specific heat [J/kg-OC] 
t = time [sJ 
(3.2) 
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Rambhai (29) and Lanigan (17) demonstrated that the longi.tudinal 
and horizontal heat flow ;s negligible or small compared to vertical heat 
flow. In this dissertation the horizontal flow of heat due to vertical heat 
influx will be ignored. 
The heat flow parallel to the y axis (vertical) can therefore be 
expressed as 
a2T aT k-,., = p c at ayL 
3. 1.2 Boundary Condition 
where 
The net surface heat flow is' 
qs - qc qr - qy o , 
where qs = total solar radiation absorbed, 
qr = reradiation by the bridge, 
qc = heat loss by convection, and 
qy = heat conducted into the body. 
The variables are defined as follows: 
a = absorptivity, and 
I = heat flux .normal to the surface. 
n 
(3.3) 
(3.4) 
(3.5) 
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b) Considering the convection heat losi according to the definition (95): 
(3.6) 
where T = shade air temperature [OC] , 
s 
T, = bridge surface temperature [OC] ; 
hc = an experimental coefficient [W/m2.oC] 
c) Reradi,ation is detennined by 
(3.7) 
from the Stefan-Saltzman law (84) 
where £: = emissivity of the gray bridge deck surface, which 
is equal to the ratio of emission from the gray 
surface to that from a perfect radiator at the 
same temperature, 
a = Stefan-Soltzmann constant taken as 5.67 x lO-8W/ m2.o K4 
K = absolute bridge surface temoerature [OKJ, and 
K* absolute average sky temperature [OKJ. 
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qr can be expressed as 
(3.8) 
where hr = radiation heat transfer coefficient [w/m2.oc], and 
Ks = absolute shade temperature [OK]. 
The conduction and radiation heat transfer coefficients can be 
combined in 
h = h + h c r 
The combination of the heat flux Eqs. (3.1), (3.5), (3~6) and 
(3.8) at the boundary surface yields 
o (3.9) 
The net radiation heat flux into the bridge during the day is 
CL F(t) (3.10) 
During the day Ks :::: K*, which means that 
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No solar radiation takes place during the'night, so that 
4 4 
(l F ( t ) = - e: a (Ks - K* ) 
For small changes in Ks and K*, (l F(t) can be approximated by a negative 
constant. The numerical value of a F(t) can be determined assuming K* = 228°K. 
The value of h is considered linearly related to wind speed and is 
approximately constant for constant wind speed. The values used for hare 
discussed in detail in Appendix A. 
3.1.3 Heat Flow Across Internal Interface 
The boundary conditions at the interface between two different 
layers require both a continuous temperature and heat flux across the inter-
face. 
Thus: 
(3.11) 
and k (3.12) 
where the positive and negative subscripts indicate the evaluation above and 
below the interface, respectively. 
3.2 Numerical Method for Thermal Analysis 
Hunt et a1. (15) and Thurston (30) based their finite difference 
approximations of the heat conduction equations largely on the methods des-
cribed by Smith (86). A similar approach is taken in this study. 
The initial temperatures throughout the bridge are assumed to be 
known. In the analysis of structures with several layers of different 
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material each layer'is subdivided into a number of equal increments with 
nodes at each of the dividing lines between increments. A set of equations 
can be written which relate the temperature at each node with the adjacent 
nodes. If the structure exists of n nodes, there will be (n+1) simultaneous 
equations for each time step. The modelling is shown diagrammatically in 
Fig. 3.1. 
a) First Node at Boundary Between Surface and Air: 
From Eq. (3.9) and Fig. 3.1 the finite difference equation can be 
derived as 
o (3.13) 
b) Last Node at Boundary Between Bottom Surface and Air: 
With m layers and n nodes 
4 Tn 1 - Tn_2 - 3 Tn 
- hm (T n - T s) + km ( - 2 ~ ) = a (3.14) 
m 
when assuming Ks = K* 
c) Node at Interior Interface: 
With node j at the interface between layer i and (;+1) 
(To 2 + 3T 0 - 4 TJo_ l ) k J- J 
i 2 ~ 0 
1 
(3.15) 
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d) Interior Node: 
For the interior node i in layer j 
where 
c. p. 
~ (T. - TN.) = 0, t '1 1 
TNi = known temperature at node i at the beginning 
of time increment, and 
~t = time increment. 
(3.16) 
At all the interior nodes the differential Eq. (3.3} is approximated 
by Eq. (3.16) according to the Crank-Nicolson implicit method. This equation 
is now unconditionally stable. Emerson (52) used the explicit finite differ-
ent approximations which are only stable when 
k~t 1 
--2 < -2 
pc~ 
3.3 Solving of Finite Difference Equations 
The finite difference Eqs. (3.13 - 3.16) have to be solved itera-
tively. Hunt et al. (15) solved the equations simultaneously while Thurston 
(30) used a matrix solution. The matrix method is easily adaptable to com-
puter methods and will be used here. 
The finite difference equations can be written in matrix form as 
[AJ {T} = {B} , (3.17) 
where 
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[A] = matrix of material thermal properties, increment 
heights, and heat transfer coefficients and has a 
bandwidth of 5, . 
{T} = vector of temperatures at the end of each time step, 
and 
{B} = vector that contains ambient data, material proper-
ties and nodal temperatures at each time step. 
With varying wind speed the coefficient of surface heat transfer 
changes at each time step. This parameter is contained in [A] which forces 
a reevaluation of the matrix after every time step. The matrix is constant 
throughout the analysis if the heat transfer coefficients is constant. The 
two vectors contain transient temperatures and change at every time-step. 
Solving for the unknown temperatures yields 
{T} = [A]-l {B} (3.18) 
The elements of the vectors and matrix are shown in Fig. 3.2. This equation 
can be solved by using the Gauss Elimination Method (87). 
A discussion of all the material thermal properties which were used 
in the analyses as well as a re~iew of the values published for these proper-
ties are presented in Appendix A. 
3.4 Thermal Stresses 
3.4.1 General 
The bridge thermal response depends on the actual temperature 
distribution and the bridge span configuration. An increase in the effective 
temperature of a bridge structure causes longitudinal expansion. If the 
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temperature distribution through the superstructure is nonuniform it deforms 
flexurally. 
The net stresses which remain if the restraints of axial and 
flexural deformation are removed are t~e primary stresses and are normally 
called residual or self-equilibrating stresses. These stresses are induced 
by the moderation of the thermal strains due to compatibility from the free 
strain position at each level to the equilibrium position of the cross section. 
The free strain at every level is the product of the material coefficient of 
thermal expansion and the temperature increase at that level. If the tempera-
ture distribution is nonlinear through the depth of the cross section, the 
compatibility requirements in the section prevent free deformation of the sec-
tion fibers and residual stresses are induced. If the temperature distribu-
tion through the section is linear no residual stresses occur. 
Secondary or temperature contjnuity stresses are in~uced in the 
bridge structure if the flexural deformation due to a nonuniform temperature 
distribution is limited as in the case of statically indeterminate structures. 
The theory developed for the determination of primary and secondary 
stresses is based on beam theory. The following basic assumptions are made: 
a) Each layer of material is homogeneous and isotropic. 
b) Plane sections remain planar (Euler-Bernoulli). 
c) The bridge temperature distribution varies with depth, but is 
constant in the horizontal direction (x-direction). Separate segments of the 
cross section, however, may have different temperature distributions. 
d) The thermal stresses are considered independent of the stress 
and strain imposed by other loading conditions, which implies that superposi-
tion is still valid. 
e) Distortion of the temperature distribution at the ends of the 
bridge superstructure can be ignored. 
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3.4.2 Derivation of Equations 
Consider the bridge section shown in Fig. 3.3 on which a general 
temperature difference distribution Ty is imposed. If the section is fully 
restrained the total stress distribution is given by 
where 
f t = E et T c c y 
E = modulus of elasticity of the concrete layer, 
c 
(3.19) 
etc coefficient of thermal expansion of the concrete, 
Ty = temperature difference at point y (a net temperature 
increase is assumed). 
According to Fig. 3.3 the final strain profile function can be formulated as 
(3.20) 
In order to obtain this linear strain profile, strains are induced which are 
equal to the difference between the strain equation in (3.20) and the free 
strain induced by the temperature distribution. 
The strain difference is given by 
(3.21) 
The total stress-function deduced from Eq. (3.21) is 
(3.22) 
For a simply supported beam where axial movement and induced 
curvature are not restrained the equilibrium conditions of the resultant 
stress distribution are the following: 
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a) The total axial forces are zero; 
b) The net moment of temperature stresses about the section 
centroidal axis is zero. 
The force equilibrium and moment equilibrium requirements yield: 
d 
J f b dy = 0 o r y (3.23) 
and 
d 
J f b (y - y) dy = 0 o r y . (3.24) 
where b width of section at depth y (excludin9 the ·cavity), y 
- depth of centroidal axis, y = 
d total section depth. 
Substituting Eq. (3.22) into Eq. (3.23): 
When the solution with E = 0 is excluded Eq. (3.25) yields 
c 
(3.25) 
where 
A section area 
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JO
d 
Ty by dy = 0 
T b dy = 0 y y 
T b dy Y Y 
= Jd b dy, and 
o y 
11 = first moment of area about the origin = YA. 
(3.26) 
Equation (3.26) yields the axial deformation per unit length that 
the structure will undergo if it is axially unrestrained. If the section 
was axially restrained the uniform additional stress would be: 
- Ec(El - E2 Y/d). 
Substitute Eq. (3.22) into Eq. (3.24): 
(3.27) 
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By ignoring the trivial solution of Ec = 0, it follows that 
(3.28) 
The first term becomes El (1 1 - yA) = 0 , (3.29) 
because by definition I, yA 
The second term becomes 
where JO
d 
y by dy = yA 
d 
and J y2 b dy = moment of inertia of the section about the origin, 
o y 
so that the sum of the two terms 
= I + Ay 2 (3.30) 
where I = moment of inertia about the centroidal axiso 
Substitution of Eqs. (3.29) and (3.30) into Eq. (3.28) gives, 
after rearranging: 
( -2 -2) E2/d I + Ay - Ay 
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= a 
c 
d 
J T b (y - y) dy o· y y 
(3.31 ) 
If the section is flexurally unrestrained the induced curvature is 
- £2/d. This means that if the temperature distribution is positive the 
bridge superstructure will hog upwards. If the temperature distribution is 
known the values of strains El ~nd E2 can be determined from Eqs. (3.26) 
and (3.31), respectively. In the case of rectangular beams by is constant 
and the equations are simplified substantially. The properties A, y and I 
of more complex sections, e.g., those of box girder bridges, can be deter-
mined numerically a~ described by Flessner (33) (see Appendix G). The residual 
stress function can be determined from Eq. (3.22). 
An example of the analysis of thermal stresses induced in a 
rectangular beam by the temperature distribution currently used in the New 
Zealand design code is presented in Appendix F. 
Except in the case of the residual stresses the modulus of elastic-
ity plays no role in the determination of axial deformation and curvature. 
If the general section is comprised of different materials, relative moduli 
of elasticity are used in the analysis, by the device of using transformed 
sections. The width of equivalent transformed section at each level is 
determined as follows: 
where E = material modulus of elasticity, and 
Eb = modulus of elasticity of base material. 
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A larger value for the modular ratio of elasticity is often used when rein-
forcing steel embedded in concrete is considered. This is, however, ignored 
in this thesis. The fact that steel and concrete have coefficients of thermal 
expansion which are relatively close to the same value helps to reduce the 
influence of the steel even though thei'r elastic moduli are quite different. 
3.4.3 Cracked Section 
No tension can' develop across a cracked section, but compression 
can be sustained if the crack is' closed. A method of cracked analysis simi-
lar to that of Thurston (30) will now be discussed. 
Figure 3.4 shows the general section as defined in Fig. 3.3, but 
with cracks from the soffit to a height d2 above the extreme bottom fiber of 
the section. The following additional assumptions are made: 
a) The crack height is constant across the width of the section. 
b) The average crack width varies. linearly from the soffit to 
zero at the tip of the crack. 
where 
The equivalent crack strain is 
~cr = average crack width at the soffit, and 
sav = average cracking spacing. 
(3.32) 
Assume linear strain changes in the section and that the temperature 
distribution Ty as a function of depth y. The strain at depth y is 
(3.33) 
where strain which causes compression is taken as positive. 
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The steel and concrete stresses in the uncracked region are 
(3.34) 
and 
(3.35) 
where the subscripts c and s refer to concrete and reinforcing bars, 
respectively. 
An axial force and moment equilibrium exist in the cracked section 
of a simply supported beam as assumed for uncracked beams. The equilibrium 
can be expressed as follows: 
and 
where 
gives 
C 
J:1 
A. 
1 
f 
f 
N 
c by dy + Fcr + I f A. = ;=1 s 1 
N 
c y bt dy + Mcr + L f y. A. ;=1 s 1 1 
area of the ith reinforcing bar, 
by = width of the section of depth y, 
0 (3.36) 
= 0 (3.37) 
Fcr = total compression force developed across the crack 
force when the crack is closed, and 
Mcr moment of Fcr about the origin. 
Substituting Eqs. (3.34) and (3.35) into Eqs. (3.36) and (3.37) 
and 
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+ F = 0 
cr (3.38) 
+ E [-a E T. y. A. + E1 .r y. A. - E2/d E y? A. ] 
s s ;=1 1 1 1 1=1 1 1 ;=1 1 1 
+ M 
cr o (3.39) 
Simp1ication of Eqs.' (3.38) and (3.39) gives 
N 
- Es/Ec as .L T. A. , 
1 =1 1 1 
(3.40) 
and 
where 
and 
Let 
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N 
- Es!Ec as L T. y A. i=l 1 1 (3.41 ) 
A = equivalent area of transfonmed section 
d1 N 
= J b dy + L 
o Y i=l 
n A. 
1 
where n = nodular = E IE s c 
(3.42) 
11 = first moment of area about the origin of transformed section 
d1 N 
= J b Y dy + L n y. A. 
o y i=l' 1 1 
(3.43) 
Is = moment of inertia about the origin of transformed section 
-y 
J
d1 2 N 2 
= b y dy + L n y. A. 
o y ;=1 1 1 
(3.44) 
= depth of the centroidal axis of the transformed section, 
and 
1cr = cracked section moment of inertia about the centroidal axis. 
y 
- 2 
= 12 - Ay 
(3.45) 
(3.46 ) 
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The assumptions made in the beginning of Section 3.4.3 are now 
used to develop expressions for Fcr and Mcr . Crack strain at depth y is 
Scr [yJ = scd (Y"- dl)/(d - dl) (3.47) 
From Eqs. (3.47) and (3.34) the concrete compression, gy' on the 
pre-existing crack face can be written as the larger of 
and 
so that 
and 
g = 0 y 
F = cr 
M = cr 
(3.48) 
d t, gy b dy y (3.49) 
d 
J d' gy by y dYe (3.50) 
Equations (3.40), (3.41), (3.48) - (3.50) supply five equations and 
five unknowns so that the problem can be solved, provided that the crack posi-
tions stays unchanged during thermal load applications. If Eqs. (3.48) indicates 
that tension exists across the crack it implies that Eqs. (3.49) and (3.50) 
will give zero solutions for Fcr and Mcr ' respectively. 
The solution of the equations for the strains and stresses of the 
cracked section have to be obtained iteratively, which can be done as follows: 
a) Assume a crack height and take Fcr = Mcr = O. The values of 
£1 and £2 can then be determined from Eqs. (3.40) and (3.41). 
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b) These values are used for the calculation of Fcr and Mcr from 
Eqs. (3.48) - (3.50). The new values of Fcr and Mer can then be used to 
determine new values of El and E2. Steps (a) and (b) are continued until 
convergence is reached. 
c) If the tensile strength in the tip of the crack is exceeded 
due to the external and thermal loads the crack height has to be increased 
and steps (a) and (b) repeated until equilibrium 1S reached at each section 
of the structure. 
In the case where· the crack height is assumed as zero the values 
of Fcr and Mcr have to vanish also. The solution is then the same as was ob-
tained for the uncracked section. 
3.5 Computer Programs 
Three programs were developed to study the thermal behavior and 
response of highway bridges, namely, a heat flow program, a general bridge 
analysis program and a program to compute temperature continuity moments 
and combine the different stress conditions. 
3.5.1 Heat Flow Program 
The heat flow program was developed to determine the temperature 
distribution in concrete superstructures according to the numerical method 
described in Section 3.2. The program also computes the axial deformation, 
curvature and the residual stress distribution induced due to the temperature 
distribution. The theory developed in this chapter forms the basis of the 
program. Although the theory regarding cracked sections was not incorporated 
in the program, simple adjustments can be made to facilitate such an analysis. 
In this study the main. consideration was the analysis of prestressed concrete 
bridges where widespread cracking is uncommon, but where a wide range of 
behavioral problems due to thermal loadings can occur. Generalization of 
the thermal response of uncracked bridges is also easier. Further attention 
is given to the cracking of bridges in the general discussion of Chapter 7. 
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Input data for the determination of temperature distributions of 
structures consist of the weather parameters insolation, ambient temperature 
and wind speed. Wind speed has only an indirect effect on the 'temperature 
distribution because of its influence on the surface heat transfer coeffi-
cient. This coefficient is discussed more extensively in Appendix A. The 
iteration process for the computation of the temperature distribution is 
started with an assumed temperature distribution at a given time. (A uni-
form temperature is usually assumed for 700 or 800 hours in the morning.) 
Weather parameters are updated by measured data at the end of every time 
step. 
The bridge section can be .defined by a maximum of seven parallel 
vertical lines (see Fig. B.7). Each line can have as many as 10 different 
layers as well as 10 different depth-width parameters. Each of·the layers 
is divided into increments with node points at each increment. Node points 
are also defined at the surface and soffit. A linear heat flow analysis is 
done for each of the lines which may result in a different tem~erature distri-
bution for eacr.' line. The total induced curvature varies linearly with depth 
so that the resultant cross sectional curvature is computed from the tempera-
ture distributions at each line according to compatibility principles. A 
more detailed discussion of this program is presented in Appendix B. 
The computation of temperature distribution and subsequent section 
response is repeated for all the different cross sections which exist in the 
superstructure. One set of weather parameters is applied to each of the dif-
ferent cross sections. The results of curvature and residual stresses for 
each individual section are then transferred to the bridge thermal response 
program for the calculation of continuity moments and total $tresses on the 
bridge. 
3.5.2 Bridge Analysis Program 
This program set is comprised of an influence line program and a 
prestressed bridge program. 
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3.5.2.1 Influence Line Program 
The influence line diagrams of bending moments and shear forces 
can be determined for a multispan bridge. Nonprismatic bridge sections can 
be handled by dividing the bridge in segments with length l/lOth of the 
individual spans. The section properties are constant in the segments be-
tween the midway point between ljlOth points, but may vary from one segment 
to the next. The influence lines are determined by the separate application 
of a moving unit load at each l/lOth point. The bending moments and shear 
forces are subsequently computed after each movement of the unit load. 
To determine the secondary or continuity moments the rotation 
constraint at the end of each span is removed. The primary moments and 
primary shear forces are determined for the resultant simply supported beams. 
Compatibility is restored by the application of end moments. Equations for 
the determination of continuity moments are formulated according to the 
moment-area method. These equations consist of the end rotations of the 
statically determinate beams and end rotations due to the end moments and 
are solved simultaneously. The secondary shear forces can be determined 
from the secondary moments by considering the equilibrium of moments about 
the supports. 
The bending moment and shear force envelopes are determined by 
applying the loads specified in the AASHTO Code (71) on the appropriate in-
fluence line diagrams. The program allows for the specification and subse-
quent computation for any of the five load classes, namely M18, MS18, M13.5, 
MS13.5 and Mg. Any of the equivalent load classes in British units, namely 
H20, HS20, H15, HS15, and H10, can also be specified. Each loading case 
calls for the separate consideration of an equivalent two-axle or three-axle 
truck load and a uniformly distributed load combined with point loads. The 
subsequently computed algebraic maximum and minimum values of bending moments 
and shear forces are used to define the corresponding envelopes. It can be 
proven that in the case of the equivalent moving vehicle the maximum values 
of moments and shear forces are obtained when one of the axle loads is above 
the point which is considered (in this case every l/lOth point). The six 
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different load configurations which can exist with one of the truck axles at 
the point considered and with the truck heading both ways, are considered in 
the program. In the case of the uniformly distributed loads both partial 
and full loading of single or multiple spans are considered to determine the 
algebraic maximum and minimum effects. This is done by the numerical inte-
gration of influence line diagrams which are represented by polynomials. 
The influence line diagrams have cusps or discontinuities for 
bending moments and shear forces, respectively, at the point on the span 
for which the envelopes are computed. The influence lines for this point 
are continuous in the other spans. A tenth order polynomial is computed for 
the continuous curves with values at every l/lOth span and is subsequently 
integrated. Two separate polynomials are developed for the spans with dis-
continuous curves which are then integrated. Numerical integration requires 
an uneven number of integration points evenly spaced. For curves where this 
requirement is not satisfied the segments nearest to the supports are inte-
grated according to the trapezoidal rule. The rest of the curves can be 
integrated as Jefore. The derivation of mathematical expressions for 
numerical integration and the extended description of the influence line 
program are presented in Appendix C. 
Both the original and final dead load moments and shear forces are 
also computed by the influence line program. Original dead loads are the 
loads at the time when post-tensioning takes place and the final dead load 
comprises of the original dead load plus additional dead loads imposed after 
transfer. 
3.5.2.2 Prestressed Bridge Program 
This program computes the prestressing forces which are required 
when the cable profile, section properties and the bending moment envelopes 
are specified provided that the maximum specified stresses are not exceeded 
at any point in the structure. The cable profile can be specified in each 
span by four continuous parabolic curves. The top surface of the bridge 
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deck is taken as reference line for the curves so that the parabolas can be 
uniquely defined by the positions of their inflection points. The program 
allows for post-tensioning from either the left end or both ends. The sec-
tion properties are the same as for the influence line program. 
Initially unit post-tensioning forces are applied at the left end 
or both ends as appropriate. The post-tensioning force can now be obtained 
at every l/lOth point by application of the recommendation on friction losses 
specified by the AASHTO Code. The program can further allow for intentional 
overstressing and subsequent partial release of jacking forces. The post-
tensioning force is a maximum in this case at the point in the structure to 
which the partial releases was allowed, that is at the limit of back-slip. 
The primary post-tensioning moment at every 1/10 point is equal to 
the product of the force and the cable eccentri ci ty at the "poi nt. Secondary 
moments are computed similarly to those discussed for influence lines. The 
stresses due to the unit post-tensioning forces are calculated and the service 
stresses derived from original and final dead load as well as the live load 
envelope are computed. The assumption" is made that beam theory still applies 
here. From a combination of all possible service stresses the smallest fac-
tor by which the unit post-tensioning force has to be multiplied is obtained 
so that the combined bridge stresses at the final stage would not exceed the 
maximum allowable tension anywhere in the structure. However, these final 
stage stresses are altered due to time-dependent losses. As a first approxi-
mation 17 percent losses are assumed for the computation of service stresses 
at transfer. 
The calculation of time-dependent losses are based on the concrete 
strength and dead load stresses at transfer. For bonded tendons the losses 
are not uniform through the structure. Based on the conditions that the ten-
don force profile at transfer is directly related to that computed from the 
unit post-tensioning force and that the maximum specified tension may not be 
exceeded at the final stage after losses the total stresses are calculated 
at transfer and at the final stage by an iterative method. The minimum con-
crete strength of bridges can be determined from the AASHTO specification which 
44 
limits the maximum compression in the structure to 0.40 f~, where 
J fc = maximum concrete strength. 
I 
A lower limit of fc = 35 MPa is set in the program. 
The mathematical expressions used in this program are given in 
Appendix D. 
3.5.3 Program to Compute Temperature Continuity Moments 
The temperature continuity moments are determined from the curva-
tures computed in the heat flow program. Thermal curvature is assumed to be 
uniform in each of the l/lOth span segments, but may change from one segment 
to the next. The end rotations of simply supported spans when rotation con-
straints are removed, are determined according to the moment-area method. 
The procedure used for the computation of secondary moments is similar to 
the method described for influence lines. 
The program subsequently combines the different stress combinations 
of service stresses and temperature residual and continuity stresses. Because 
of the nonlinear shape of residual stresses through the cross section depth, 
the analysis of stress combinations is done at every 1/10th point of the sec-
tion depth. A discussion of mathematical expressions used in this program 
is presented in Appendix E. 
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CHAPTER 4 
FIELD MEASUREMENTS ON THE KISHWAUKEE RIVER BRIDGE 
4.1 Introduction 
Since bridge structures are exposed to the weather elements the 
stress and behavior is strongly time-dependent. In general, both long-term 
and short-term changes in bridge behavior are present. 
The long-term behavior of a bridge is influenced by environmental 
changes as well as by the compo~ition and stress history of the constituent 
bridge materials. Here creep and shrinkage of the concrete as well as the 
complex interaction of these factors with the relaxation of .the reinforcement 
is of primary concern. Changes in bridge deformation due to these factors 
are in general permanent even though certain reversals may sometimes occur. 
A gradual increase in humidity aro~nd a bridge structure over a long period 
of time or the removal of permanent loading can reduce the specific creep 
and shrinkage. This reduction in creep and shrinkage partially reverses 
the long term changes in strain, deflection and stress distribution. Sea-
sonal fluctuations in air humidity do take place so that certain time-
dependent changes can be expected. Other than in the case of segmentally 
constructed bridges, where the moment distribution changes between partial 
to final prestressing, dead load removal is very rare. 
The main contributary factors of short-term deformation are the 
changes in ambient air temperature as well as solar radiation variation. 
Both diurnal and seasonal changes take place. The response of the bridge 
to these fluctuations in environmental conditions is dependent on the re-
sultant thermal properties of the total bridge structure rather than on the 
changes on the microstructure level in each of the individual constituent 
materials. The thenmal .properties of a bridge structure stabilize some time 
after casting. In addition, compared to environmental changes in temperature 
the changes of these properties are considered negligible. Due to the 
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fluctuating nature of environmental conditions to which the thermal response 
of the bridge is directly related, a transient type of behavior is caused. 
The bridge performance and durability are certainly very important in the 
case of such changes in the environment. 
The release of heat of hydration after the casting of concrete re-
sults in a situation that is rather different. Similar to many chemical 
reactions the hydration of the cement compound is exothermic. The effect 
of this reaction is limited to the period right after casting until all heat 
due to the hydration reaction is lost. The heat release of the hydration 
process is interrelated to the creep of concrete and is for the purpose of 
this study being excluded from the ~ther temperature factors in bridge 
behavior. 
In the case of the Kishwaukee River Bridge an in depth study (65) 
of the long-term time-dependent behavior of the bridge was done. This is a 
segmentally constructed five-span continuous box birder bridge. A substan-
tial effort was made to account for most of the variable environmental con-
ditions that contribute to the creep and shrinkage of the bridge. The com-
plex method of cantilever construction by segments of this specific pre-
stressed concrete bridge was taken into account in the subsequent theoretical 
analyses. No specific analysis was done to determine the influence of temper-
ature on the overall behavior of the bridge. 
To complement the results of that study the relative influence and 
importance of temperature on the overall bridge behavior was studied. Exten-
sive instrumentation and data collection were previously undertaken to mea-
sure strain variation in the bridge over a specific time period. Strain gauges 
were embedded in three segments at three different heights by the Construc-
tion Technology Laboratories of Portland Cement Association. These three 
segments, SB1-N7, SB1-N9 and SB1-N16, are located at the support, quarter-
span and midspan regions, respectively. Longitudinal strains were measured 
with embedded Carlson strain meters. The location of the instrumented seg-
ments as well as the position of the strain gauges are shown in Figs. 4.1 
and 4.2, respectively. 
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In the mentioned time-dependent study three sets of analysis were 
perfonmed in which the material properties assigned to the concretes differed. 
In the analysis which showed the best comparison between analytical and 
experimental results, the computations were based on creep and shrinkage 
values of concrete specimens stored" outdoors. The other two analyses were 
based on material properties of specimens stored indoors and on recommenda-
tions given by the European Concrete Committee (CEB), respectively. 
4.2 Experimental Temperature Readings 
4.2.1 Data Collection 
The Carlson strain gauges lean themselves very well to the simul-
taneous determination of concrete temperatures and strains. Temperature 
readings are necessary in order to make the thermally-related strain correc-
tions. In this case the reduced strain data fails to reflect the effect of 
the deformation due to temperature change of the concrete surrounding the 
meter as well as the expansion of the meter itself, because these changes 
are ordinarily systematically removed during data reduction. 
As reported by Priestley (24) extreme temperature differences in 
concrete bridges would occur on days with high solar radiation, low ambient 
temperature variation and low wind speed. Days were selected for this study 
that would meet these requirements as closely as possible to measure the 
optimal thermal response of the bridge. 
Weather data used subsequently, except for solar radiation values, 
were obtained from the Greater Rockford Airport Weather Station (93) about 
three miles away from the bridge site. Wind speeds were recorded for a 
height of 10 m above ground and dry bulb temperatures were taken every hour 
ten minutes before the hour. 
control temperatures were also taken at the bridge site below and 
above the bridge as well as inside the box girder. A surface temperature 
probe was used to record surface temperature readings. Since no radiation 
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recording was done at the weather station radiation data was gathered on the 
bridge surface with a portable solar meter working on the solar cell principle. 
The Carlson strain meters contain elastic-wire electrical resistance 
devices as the sensing elements. The device is both a strain meter and a 
thermometer. It consists of two coils of fine steel wire wound on ceramic 
spools. One of the coils increases in length and resistance with strain while 
the other decreases. The ratio of electrical resistance of the two coils is 
directly proportional to the change in gauge length which measures strain. 
The total resistances is directly related to the temperature in the gauge. 
Resistance measurements are done with a Wheatstone Bridge. 
Strain meter readings were taken at different intervals ranging 
from one to eight hours. In all figures data points were plotted to indicate 
the time at which the readings were taken. 
4.2.2 Weather Conditions 
The longest day of the year is the"21st of June, when maximum 
radiation should also occur if the day is absolute cloudless. The days of 
8 July 1982 and 9 July 1982 during which data were collected, were the first 
fairly clear days after a period of cloudy, rainy days. Figure 4.4(a) and 
4.4(b) show the weather conditions for these two days. The range of ambient 
temperature was 1Doe with a maximum temperature of 27°C on the first day and 
29°e on the second day. The weather statistics collected over a period of 
forty years for Rockford, IL (92) indicate an average maximum temperature of 
27.2°C for June and 3D.2°C for July. 
The wind conditions were mild with an average wind speed of 2.3 m/s 
and a maximum of 3.6 m/s. This wind speed compares favorably with the sta-
tistical mean speed of 4.1 m/s for June and 3.6 m/s for July (92). 
The maximum solar radiation measured on the horizontal bridge deck 
was 917 W/m2. The maximum radiation determined theoretically by the method 
described in Appendix J yielded a maximum value of 924 W/m2 at the solar 
noon of 8 July for Rockford. 
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The comparison of these climatical parameters show that conditions 
were very favorable to produce extreme temperature distributions through the 
bridge structure. However, as Fig. 4.4(a) shows, there was temporary reduc-
tion in radiation around noon when opaque skycover of 3 o~t of a maximum value 
of 10 occurred (93). Opaque sky cover is an indication of the thickness of 
the clouds. All cloudiness subsided quickly to give full clearness. 
Some cloudiness developed on 9 July 1982'which is clearly indicated 
in Fig. 4.4(b). 
4.3 Measured and Analytically Obtained Results 
Experimentally obtained readings of strain and temperature were 
collected as discussed earlier in this chapter. Analytical ,simulation as 
discussed in Chapter 3 was used for the verification of experimental work. 
4.3.1 Variation of Temperature 
Although the strain gauges are not distributed throughout the whole 
cross section the different positions of temperature measurement are con-
sidered fairly representative of the top, middle and bottom of the different 
bridge segments. 
The results obtained from the three different segments showed great 
similarity so that it was deemed not necessary to draw comparisons at all 
three segments but just discuss results at segments SB1-N9 which is at the 
column support position. 
The segment cross section is fairly involved compared to other box 
girder bridges (see Appendix H, Fig. H.2). It is further complicated by the 
fact that the blacktop substantially thickens on the right lane because of 
the greater wear on the right pavements (see Fig. 4.3). 
Seven linear thermal line analyses were used to model each cross 
section (see Fig. 4.3). The top side flange cantilever slab lines, lines 1 
and 7, were necessitated by the fact that it forms part of the total 
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structural response which is an integral part of the thermal analysis. In 
each line the blacktop was divided into 10 linear elements. In the two 
cantilever slabs, lines 1 and 7, 15 additional elements were used to complete 
those portions. For lines 2 and 6 the top 1 m with its expected high temper-
ature variation was divided into 40 elements of 25 mm each. The bottom 0.2 m 
which normally experiences some variation in temperature was represented by 
five elements. For the rest of lines 2 and 6 very little temperature change 
was expected so that 13 elements of 177 mm thickness were used. For lines 3 
and 5, 20 and 15 elements were used, respectively, to represent the top and 
bottom concrete portions. Twenty elements represented the air strip in between. 
The only remaining line for which graphic comparisons were made, line 4, had 
10, 10 and 15 elements for the top, air and bottom portions, respectively. 
Thermal analyses were done at half hour intervals. It is important 
to note that reported times are all given as central daylight savings time. 
The starting temperature distribution was taken the same as that measured 
with the strain gauges at 800 hours of 8 July 1982. In order to stabilize 
the theoretical prediction of the temperatu.re distribution the run represent-
ing the first day data was repeated. The total analysis covered the time 
period of midnight 7 July 1982 to 800 hours on 10 July 1982, which required 
a total of 144 computing cycles. The material properties of the bridge 
which were used for the calculations are shown in Tabie 4.i. 
The results of the computation of section properties as part of 
the thermal analysis revealed the ability .and accuracy of the program to de-
fine fairly involved cross sections as in the case of the Kishwaukee River 
Bridge. The properties of section area, moment of inertia and neutral axis 
depth were all calculated with an accuracy between 0.09 and 0.9 percent. 
Exact values were determined according to the procedures described in Appen-
dix G. The principles used for the determination of temperature curvatures 
and stress were similar to those used for section property calculation. 
Comparisons of the experimental and analytical temperature varia-
tions are shown in Figs. 4.5 to 4.7. The plotted points represent the experi-
mental values and the curves the theoretical values. 
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4.3.2 Observations 
Very good agreement was found between experimental and theoretical 
values for the temperature distributions. The maximum deviation occurred in 
line 4 which was recorded by gauges' 1 and 5. Temperature differences of.up 
to 2.5°C in the bottom flange during period of low temperature were found. 
At the time of maximum temperature differences which are of much greater 
importance, the results compare very well. In the case of line 4 the analysis 
was complicated by the air strip inside the box girder which caused a rela-
tively poor fit of theoretical and experimental data at maximum temperature 
values. 
When the different top flange curves are studied, it is interesting 
to note that the heating phase is about 40 percent shorter than the cooling 
phases. The valley on the second day dipped to a slightly higher temperature 
than the first which would be due to the large amount of heat stored in the 
structure after the first day. Weather conditions on one day have a definite 
influence on the temperature distribution in the structure during the next 
day. 
According to the linear heat flow model no heat flow takes place 
between the elements around gauges 3 and 7 half way down the webs. The heat 
flow recorded by the experimental readings could probably be due to the hori-
zontal heat flow and heat exchange which takes place between the surrounding 
air and the webs. It could also be caused by direct sunlight which reaches 
the two webs during short periods in the early morning and late afternoon, 
respectively. Horizontal heat flow is totally ignored during the vertical 
linear heat flow analysis. However, this deviation from the model is rendered 
insignificant, because of the very small variations register~d. 
With a box girder of this depth, the initial temperature defined 
for locations below about 1.5 m can become fairly important in a linear heat 
flow analysis. Very little heat flow takes place at these locations so that 
a large error in the initially defined temperature can result in the predic-
tion of a temperature difference between the top of the deck and these posi-
tions which deviates considerably from reality. For the bridge under 
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discussion the minimum temperature recorded with the gauges in the bottom 
flange were only 3°C less than the maximum ambient temperature measured for 
that day. This is an indication of the large amounts of heat energy stored 
in the superstructure of the bridge. 
4.4 Temperature Distributions 
In Figs. 4.8 - 4.10 the temperature distributions at different 
times of the first day a~e shown superimposed on one another. Only the 
structural portion of each line is shown, omitting the distributions in the 
blacktop. The bitumen blacktop, which is an integral part of the heat flow 
process, is of no structural significance. The distributions were theoreti-
cally determined. 
Even though the maximum temperatures recorded by the top strain 
gauges were reached between 170q hours and 1800 hours, the maximum tempera-
ture at the top of the section was reached at 1600 hours. The time lag to 
reach the temperature maximum at any point in the top flange increases rela-
tive to an increase in distance from the top of the section. This fact is 
clearly illustrated in the temperature distributions of four hours and eight 
hours after the peak temperature on the pavement. Extreme temperature differ-
ences through the section occurred about two to three hours after maximum 
radiation but at about the same time the maximum ambient temperature was 
reached. 
The comparison of maximum temperatures registered by gauges 4 and 
6 clearly indicates that the thicker blacktop above gauge 6 has a definite 
effect on the maximum temperatures reached. In this case with about a 30 mm 
thicker blacktop the maximum temperature was reduced by about 2.5°C. 
4.5 Comparative Temperature Distributions 
In order to make a quantitative evaluation of the temperature 
distribution at the time when maximum temperature differences through the 
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Kishwaukee River Bridge was obtained (1600 hours on 8 July 1982), it was 
compared with temperature distributions specified in three international 
codes of bridge design. Figures 4.11 - 4.13 illustrate the comparisons 
between the information obtained for the Kishwaukee River and the specifi-
cations of the British code BS 5400 (74), the code of the New Zealand 
Ministry of Works (78) and the recommendations of the ASCE (75), respectively. 
A blacktop thickness of 50 mm which is the average' blacktop thickness for the 
Kishwaukee River Bridge was used to determine the distributions values accord-
ing to the British and New Zealand Codes. The graph representing the ASCE 
recommendation is a liberal interpretation of the design temperature distri-
bution recommended for concrete.deck and stringer construction. No adjust-
ment of the maximum temperature at the top of the design curve for changes 
in pavement thickness was specified. A few points from the. temperature 
distribution computed for line 2 in the Kishwaukee River Bridge were plotted 
as basic reference. Rather than comparing absolute temperatures the web 
temperatures were arbitrarily chosen as zero in Figs. 4.11 - 4.13 for a rela-
tive temperature distributions. 
Fairly good agreement exists between the bridge data and the BS 5400 
curve in the top 0.15 m. Further down the rate of temperature decrease is 
much faster for the BS 5400 than for the reference distribution. The bottom 
0.5 m of the reference curve shows a 2°C drop below relative zero. As pre-
viously shown the measured bottom flange temperatures were invariably about 
2°C less than those at half depth. This is likely due to the cooling effect 
of the river underneath. The BS 5400 as well as the New Zealand curves are 
based on analyses of bridges over underpasses. In the course of their analyses 
it was assumed that uniform temperatures existed throughout the bridge super-
structure at one point during the day. Some increase in bridge soffit temper-
ature takes place due to reradiation from the road surface of the underpass. 
A good correlation exists otherwise between the Kishwaukee River 
Bridge and the New Zealand Ministry of Works· curves. The extreme tempera-
ture at the top, however, differs by 5.2°C. This is in part due to 12.8 per-
cent higher maximum radiation experienced with the experimentally determined 
bridge temperature distributions and the subsequent analyses (24) on which 
54 
the New Zealand Code (78) was based. Figure 4.14 shows the good comparison 
which exists when the maximum calculated value of the Kishwaukee River Bridge 
is used to determine the temperature distribution as specified by the New 
Zealand Code. 
The poor comparison between the recommended ASCE curve and the 
reference shows that the curve is certainly not appropriate for box girder 
design. Not only is the maximum temperature too low, but the temperature 
gradient is also too small. 
Although the extreme temperatures reached at the top of the bitumen 
are not represented in any of the plots the validity of the theoretical model 
was substantiated when compared to measured surface temperatures. The calcu-
lated temperatures and those measured with the surface temperature probe 
agreed within 4°C. The maximum temperature that was reached, was 46°C as 
compared to the calculated value of SO°C.There is a sharp temperature drop 
through the blacktop. Temperature probe readings are influenced by the exact 
position where they are taken, especially on a rough surface such as a pave-
ment. 
4.6 Interior Air Temperature 
Temperature readings taken inside the box girder cavity in the 
center of the air cavity on both the days of field study revealed a very 
small temperature variation. The temperatures ranged from a low of 25°C 
at 800 hours to a maximum of 27°e at 2100 hours giving a 2°C variation. This 
compares to the ambient temperature variation of 10oe, with the range of l7°e 
at 0400 hours to 27°e at 1800 hours. 
Forced convection as well as radiation and reradiation on the top 
surface contribute to the unsteady heat flow in the bridge deck directly 
above the air cavity_ Very little heat transfer takes place across the inter-
face between the bottom of the deck slab and the air because of a high air to 
concrete conductivity ratio of 1:62. The air is therefore acting as an insul-
ator, although minor convection currents would have a small cooling effect 
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on the slab. This effect is not taken into account with the linear heat flow 
model. 
The top cantilever flanges with a large exposed area and relatively 
thin structure respond in reality like large cooling fins and forced convec-
tion takes place over the whole surface area. It will thus respond much faster 
to meteorological changes so that it builds up sub~tantially less heat than 
the slab above the air cavity. 
A transient heat flow analysfs was done to compare the differences 
in response of the two structural segments mentioned above. The temperature 
distribution at 1600 hours of the first day of field measurement was compared 
with the distribution of a similar slab under the same weather conditions, 
but with the slab soffit exposed. Figure 4.15 shows the thermal response 
for the two cases. The totally exposed slab has a 2.6°C smaller maximum 
temperature with a larger temperature gradient, which leads to 5°C lower 
soffit temperatures. 
This comparison illustrates the hypothetical value of a perfectly 
ventilated enclosed cell for the box girder bridge. It should be possible to 
reduce the temperatures of the deck slab at the extreme temperature differ-
ence condition by an average of 25 percent. This in turn would have a signif-
icant influence on the thermal stresses and moments of the bridge. Perfect 
ventilating conditions are however practically impossible. Large openings in 
box girder superstructures would be necessary to allow any substantial air 
flow. These openings can cause significant structural problems with the end 
result still questionable, because a temperature reduction in the deck of no 
more than 1 or 2°C can be expected. 
The average gradient of the temperature drop through the slab of 
the Kishwaukee River Bridge is 4.4°C/100 mm. The New Zealand Code (78) 
specifies a linear temperature reduction for a slab like this of 2.5°C/100 mm, 
which implicates a higher insulating value by the enclosed air. The BS 5400 
(71) uses a temperature distribution of which the values remain constant at 
a specific level in the superstructure. In this case the temperature gradient 
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is 9.2°C/100 mm in the upper 150 mm and changes to 1.6°C/100 mm thereafter, 
which leads to an average gradient of 6.6°C/100 mm for the slab under discus-
sion. 
4.7 Temperature Induced Moments 
The time-dependent redistribution of moments ·related to creep and 
shrinkage of the bridge structure approaches its maximum value asymtotically 
throughout the life of the structure. However, as in the case of the Kishwaukee 
River Bridge, very little strain 'changes and accompanied prestressing losses 
took place after the first 600 days after completion of the full structure 
(65). With segmental bridge construction substantial time-dependent changes 
may take place throughout the period of partial completion. 
In order to quantify the relative importance of thermal moments, 
they were compared with the combined magnitudes of the dead load and pre-
stressing moments before and after 600 days for the time period directly 
following the completion of the total structure. The envelope of the live 
load moments were determined with the influence line program. Figure 4~16 
shows the comparison of moment diagrams for the Kiswaukee River Bridge. 
Regarding the dead load moments, it is important to note that for 
prestressed concrete segmentally constructed bridges, built by the canti-
lever method, no moment redistribution takes place before the completion of 
a continuous system. A stress field was induced for each individual canti-
lever portion which was then controlled by cantilever boundary conditions 
(65). When adjacent cantilevers were jointed to form new intermediate struc-
tures, different boundary conditions were imposed and creep then developed 
under a different stress field. This process, in turn, brought about partial 
elastic recovery in the superstructure at the supports and accompanying 
moment redistribution. 
The construction process of this bridge did not progress uniformly, 
because construction started at the north s1de (pier 5) and proceeded south-
ward (Appendix H, Fig. H.3). Larger moment redistribution had therefore 
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bers before continuity cables were stressed to complete the bridge. The 
large negative moments immediately after completion leveled off to give 
fairly even moments at corresponding points. Due to the relatively insignif-
icant size of additional imposed dead load after completion, this increase 
in dead load was ignored in this analysis. Detailed discussion of the time-
dependent losses was done elsewhere (65). 
The calculation of the live load moment envelope is based on the 
gross concrete section properties at tenth points of span lengths, ignoring 
local thickening of section walls at supports. The MS 18 load for the AASHTO 
Code (71) is used for two lanes with no reduction for improbable coincident 
maximum loading. 
The temperature-induced moments are the sole result of the indeter-
minate nature of the continuous bridge. From inspection of the moment dia-
grams (Fig. 4.16) it is clear that these moments are positive throughout the 
structure. These moments are therefore complementary to the secondary pre-
stressing moments in the bridge. 
In Tables 4.2 and 4.3 total pier and midspan moments, respectively, 
are presented and the proportional magnitudes are shown to determine the 
significance of temperature-related moments. It is important to note that 
the temperature-induced moments are in the same order of magnitude as the 
live load moments and in most cases slightly larger. The temperature moments 
oppose the dead load moments at the piers, but at midspan all moments are 
additive. The thermal moments that are marginally higher than the maximum 
live load moments at midspans contribute up to 24.1 percent of the total 
moments. Furthermore, the change in moment due to thermal loading is in all 
cases significantly higher than the moment redistribution of dead loads as a 
result of creep and shrinkage. It should be noted that the total values of 
bending moments include the secondary moments .due to the stressing of the 
continuity tendons of statically indeterminate intermediate structures. 
Even though the temperature-induced loads are significant, they are 
still temporary in nature and extreme moments may only exist for two or three 
hours. 
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4.7.1 Thermal Moments with Time 
In order to study the changing of thermal moments through 24-hour 
periods, bending moment diagrams were computed with the temperature loading 
program at eight and four h~urs preceding the extreme temperature distribu-
tion, as well as four and eight hours afterwards. The temperature distribu-
tions at these times were previously discussed and graphically shown in 
Figs. 4.8 - 4.10. 
Figure 4.17 shows the thermal bending moment diagrams at the differ-
ent times selected for the Kishwaukee River Bridge. The faster rate of 
moment increase with time compared to the decrease is consistent with the 
tendency seen in the temperature variation graphs in Figs. 4.5 - 4.7. It 
is important to note that even though the extreme temperature di-fference 
through the section depth occurred at 1600 hours, the temperature moments at 
2000 hours were higher. The extreme temperature distribution at 1600 hours 
peaked sharply, but the temperature dropped rapidly with distance from the 
top surface. For the following four hours -the maximum temperature, as well 
as the temperature gradient, dropped slowly causing a more even distribution 
of temperatures in the top flange. Although the maximum positive moment at 
2000 hours was 6.6 percent higher than at 1600 hours when the peak tempera-
ture distribution occurred, this small difference can be considered as prac-
tically insignificant. 
4.7.2 Moments Due to Codified Temperature Distributions 
As seen in Figs. 4.11 and 4.12 the temperature distribution speci-
fied by the New Zealand Code (78) is about 5°C higher at any point in the 
top 500 mm of the bridge when compared to B5 5400 (71) temperature distri-
bution or the field readings obtained from the Kishwaukee River Bridge. A 
simple comparison of the areas under the main temperature distribution curves 
above the bridge neutral axis yields a 55 percent higher value for the New 
Zealand curve than for the field measurement, while the area defined by the 
BS 5400 Codes distribution curve is 25 percent lower. 
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The difference in the temperature-induced moments for the three 
different cases is demonstrated in Fig. 4.18. The moment diagram correspond-
ing to the New Zealand curve has values that are substantially higher than 
the other moment distributions. This is due in part to distinctly higher 
temperatures prescribed for the flange above the air cavity and the large 
area of this slab. 
Table 4.4 shows the comparison of thermal moments at the supports. 
The New Zealand recommendation yielded a bending moment diagram with values 
77 percent larger than obtained from the Kishwaukee River Bridge field mea-
surements. The fact that values derived from the BS 5400 recommendation are 
only 78 percent of those from the field data points, reflects the sUbstantial 
difference in results from the two codes. 
The sUbstantiation of the Kishwaukee River Bridge analytical thermal 
computations with field measurements, as well as the fact that weather condi-
tions were very favorable to create extreme temperature differences show that 
the New Zealand temperature distribution is not appropriate in this case. 
This code, however, represents an extreme situation which is a maximum for 
that country, developed under more harsh conditions. A primary difference, 
apart from the slightly higher radiation values, is the low wind speed used 
in their analyses. A mild, constant wind speed of 1.5 m/s was the basis for 
calculation of surface heat transfer values (24). During the field measure-
ments on the Kishwaukee River Bridge, however, an average wind speed of 2.4 
m/s on 8 July 1982 was measured. Priestley (24) determined by analysis that 
with zero wind (only natural convection and radiation on the surface) the 
maximum temperature difference in a specific case is 27°C. With a gentle 
wind speed of 4 m/s the maximum difference is 12.5°C. The wind speed as 
well as solar radiation thus have a significant influence on a bridge thermal 
loading. 
The large effective difference between the thermal loadings of the 
two codes discussed clearly points out the fact that weather related regula-
tions from other countries can not be adopted without modification in this 
country. A wide range of weather conditions exists in the USA, which is not 
the case in the smaller countries of New Zealand and England. 
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4.8 Bridge Stresses 
When dealing with prestressed concrete structures, and in this case 
with added temperature effects, itis evident that no judgement on the struc-
tural soundness of a bridge superstruct~re can be made only on the basis of 
the total moments. Concrete stresses are of primary importance in the design 
process and either tension in concrete has to be prevented, which is normally 
done in the case of prestressed concrete, or reinforcement has to be supplied 
to take the tension. It is therefore necessary to determine the contribution 
of thermal stresses to the stress field. 
The effects of the time-dependent material properties of concrete 
and steel in a bridge are the induction of a loss in prestressing force as 
well as the redistribution of bending moments in the structure .. Generally 
these effects lead directly to a time-dependent change in concrete stress in 
the structure. This change in stress lasts for the full life of the struc-
ture, but the rate reduces sharply and levels off during the 600 days fol-
lowing completion (65). The live load stresses as well as temperature stresses 
are of temporary, but recurring, nature. Their effects, however, at the time 
of extreme loading have to be dealt with. 
The variation of the different types of stresses in the extreme 
top and bottom fibers of the bridge superstructure is shown in Fig. 4.19. 
There are three major differences in the shapes of stress diagrams as com-
pared to moment diagrams. The compression .supplied by the prestressing force 
(the PIA factor) has its appropriate influence on the dead load stresses. 
The stiffening of the structure around the piers reduces the magnitude of all 
stresses around these regions. The net stresses or self-equilibrating stresses 
which in themselves induce no moments on the structure, have a sUbstantial 
role in the shaping of the total stress diagrams that include thermal loadings. 
It is clear that at the supports the dead load plus prestressing 
stresses are the major influences. The nature of cantilever construction re-
sults in very large original negative moments which reduce in magnitude with 
time. This is turn leads to the increase with time of stresses at midspan. 
This fact is especially evident for the bottom fiber stresses. 
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At midspan the thermal stresses combine with maximum live load 
stresses to oppose the dead load plus prestressing stresses in the bottom 
fiber. It is important to note that the time~dependent stress changes at 
midspan are of the same order of magnitude as the live load stresses. The 
smaller range of stresses in the top fiber as compared to the bottom fiber 
is due to the fact that the neutral axis lies, for the largest part of the 
structure, 72 percent farther from the bottom fiber than from the top fiber. 
In order to give a clear picture of the components of total stress 
the individual stresses are shown through the structural depth in Figs. 4.20, 
4.22, 4.24 for segments SB1-Nl, SB1-N9 and SB1-N16, respectively. Stress 
magnitudes are listed in Table 4 .. 5. The influence of the neutral axis posi-
tion high in the section is apparent in the stress plots for segments SB1-N9 
and SB1-N16. The largely nonlinear se]fequilibrating stress diagrams domi-
nate the stress picture in the upper part of the segments. This influence, 
however, is reduced in the bottom part, although it still reduces the total 
thermal stresses, thereby reducing the possibility of tension. 
In order to illustrate the dfstribution of maximum and minimum 
values of total stress through the section two plots per segment were made. 
In the first plot the total dead load plus prestressing stresses combined 
with minimum algebraic live load stresses are shown. The second plot repre-
sents the dead load and prestressing, maximum algebraic live load, and thermal 
stresses (Figs. 4.21,4.23,4.25). 
At segment SB7-Nl, which lies close to the first pier, all combined 
stresses are relatively high on the compressive side. For the other two 
segments the total bottom fiber stresses are close to zero. A substantial 
increase in thermal loading as in the case of the New Zealand codified tempera-
ture distribution (78) can cause bottom fiber tension. The probability of 
simultaneous occurrence of maximum live and temperature loading should be 
determined. 
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4.9 Measured and Analytically Obtained Crincrete Strains 
As discussed earlier in this chapter the placement of instrumenta-
tion was chosen to determine concrete strains at the support, quarter-span 
and midspan regions. The strains were also measured at three different depths 
in order to give a good representation of strain variation with time through 
eahc cross section. 
In order to analyze the results from the Carlson strain gauge 
readings it is necessary to understand the principle of measurement and data 
reduction. Since changes in meter length were measured a single measurement 
has no meaning, but the difference between two successive readings indicates 
the length change occurring over this time period. This measuring technique 
gave only relative strain values. 
The Carlson Meter readings lead to both temperatures and to strains. 
The change in the ratio of the electrical resistances of the two coils in the 
gauge is directly proportional to the change in gauge length, or strain. The 
change in the total resistance of the two coils in the gauge is directly pro-
portional to the temperature of the gauge. Strains and temperatures are 
determined from measured resistance ratios and total resistances through the 
use of calibration data supplied with each Carlson Meter. The proportionality 
between changes in strain and resistance and between temperature and resis-
tance are fundamental properties of the metal in the wire coils. 
Two corrections are ordinarily made to the data before the reduc-
tion process is complete. A correction is made for the expansion or contrac-
tion of the meter frame, using calibration data provided, with the correction 
made to some arbitrary reference temperature. This could be some convenient 
temperature such as 21°C, or it could simply be the temperature at the time 
of the first reading on the particular gauge. After this correction is made, 
the remaining strain is the sum of all changes in length in the concrete 
resulting from stress changes, creep, shrinkage, and temperature changes. 
In most instances the direct temperature-induced length changes are also re-
moved from the data by reducing all data to the arbitrary reference tempera-
ture, and the remaining strain change is the sum of strains caused by stress 
changes, creep, shrinkage, and the secondary effects of temperature. 
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For a set of measurements taken over a period of only a few days 
on a structure which is several years old, the stresses due to dead load plus 
prestressing are essentially constant and there is no measureable creep or 
shrinkage. Consequently, in this case, all measured strains are a. direct 
result of the secondary effects of temperature, due to the partial restraint 
of the stresses caused by the nonlinear temperature distribution over the 
depth of the section. 
Figures 4.26 - 4.28 show the variation of strains for the eight 
strain gauges of segment SB1~N9. Strain gauge data for the three instrumented 
segments revealed close similarity so that these graphs are deemed representa-
tive of all three sections. 
The temperature graphs presented previously certainly revealed much 
smoother variations with time. Local perturbations are meaningless and only 
overall changes are to be considered. The values of the temperature correc-
tions were substantial when compared to actual measured strain values. This 
means that a small mistake in temperature readings had a large influence on 
the final strain values. 
In general the contrast in variations of actual strain obtained 
from gauges 5 and 1 (in middle of the top and bottom flanges, respectively) 
as compared to the other gauges that are located in the webs indicate the 
influence of shear log. This factor was not taken into consideration in any 
of the theoretical approaches. 
Of particular importance in the graphs are the readings for the 
gauges that are located at section midheight and in the bottom flanges, be-
cause the thermal loading cause tension at those levels. The total 
temperature-induced stresses in the top of the structure were highly non-
linear (Figs. 4.21, 4.23,4.25), and all components cause compression in that 
area. Below the neutral axfs the total stress change was gradual with depth 
and easy comparisons could be made. 
Table 4.6 shows a comparison of the implied stresses, obtained 
from the measured- strains, with the computed total thermal stresses at the 
strain gauge levels. The theoretical stress data was extracted from 
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Fig. 4.22. It is important to realize that theoretical stress values repre-
sent each cross section as a whole assuming uniform conditions throughout. 
The strain gauge data represent locally induced changes. 
The implied stress changes obtained from readings were just below 
2 MPa tension and compared very well with theoretical values. The computed 
stresses were shown to be slightly conservative, but the very good compari-
sons are for practical purposes a confirmation of the acceptability of results 
obtained from the theoretical heat flow model. It is, however, necessary to 
be cautious about the overemphasis of the strain data when large temperature 
corrections have to be made, as in this case. The strain gauge was inten-
tionally developed for structures wi.th large strain changes and very little 
or no temperature variations. 
The significant variation in effective strain gauge readings indi-
cate the importance of the choice of the time of day for strain gauge readings. 
A study of the time-dependent behavior of the Kishwaukee River Bridge showed 
that compressive strain changes at the strain gauges were in the order of 
200 x 10-6 from the time of final completion'of the structure until 600 days 
later (65). Thirty to 50 percent of the total change in strain occurred 
rapidly after completion of the full structure. 
Compared to these values, temperature related strain changes of 
about 50-60 millionths were recorded in a single day. These significant 
proportional values of temperature strains accentuate the fact that for 
studies of effects other than temperature influences, subsequent daily bridge 
strain gauge readings in peak summer periods should be done early in the 
mornings. Fairly uniform conditions can be expected between 700 and 900 hours 
so that temperature effects can be largely excluded. 
4.10 Discussion 
The good agreement of theoretically computed temperatures and 
stresses with results from field measurements on the Kishwaukee River Bridge 
confirms the general accuracy of the finite difference heat flow model. 
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Although the limitations of this line~r heat flow model should be clearly 
understood, good predictions of highway bridge thermal responses can be 
made. For design purposes the use of significantly more involved heat flow 
models cannot be justified. Thermal loadings are of secondary importance in 
the design process and should not be overemphasized. 
The vast difference in the codified temperature distributions for 
England and New Zealand necessitates a thorough study of thermal-related 
bridge behavior in the USA. Due to the large meteorological variations in 
this country, the influence of temperature in the bridge design process has 
to be determined. 
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CHAPTER 5 
TEMPERATURE'DISTRIBUTION THROUGH THE USA 
5.1 Introduction 
As in the case of earthquake loadings or wind loadings which vary 
significantly throughout the continental United States, a wide variation in 
thermal loadings can be expected. Structures in some parts of the country 
are more apt to experience large thermal loadings due to the specific 
meterological conditions. It is ce~ta;nly not necessary to take the severe· 
conditions experienced in one part of the country into consideration in 
bridge design for another part of the country where totally different environ-
mental conditions may exist. 
As previously discussed, the current AASHTO Code (71) deals only 
marginally with temperature changes in bridge design. The only factors ad-
dressed are overall expansion and contract;-on and no adjustments are made 
for variations in weather conditions through the country. The only two 
international codes that deal extensively with temperature distributions 
through bridge superstructures are the British BS 5400 (74) and New Zealand 
Ministry of Works Specifications (78). No variation of design conditions 
suggested by these two codes, since they are intended for design guidelines 
in the British Isles and New Zealand, respectively, which are small islands 
compared to the United States. The research results on which these codes 
were based indicated that very little variation in thermal loadings occurred 
with a change in location in the respective countries. 
The large variations in meteorological conditions in the United 
States necessitate the quantification of extreme thermal loadings at repre-
sentative locations throughout the country according to which acceptable 
design criteria for the American bridge codes can be developed. 
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5.2 Weather Data Collection Including Solar Radiation 
There are 88 weather stations in the United States where solar 
radiation intensities are recorded. At 37 stations hourly solar radiation 
has been recorded for varying periods starting in 1952 (90). Figure 5.1 
shows the locations of USA stations reporting hourly solar radiation values. 
There are meteorological measurements related to solar energy which, in ab-
sence of radiation data, can be used to estimate instantaneous values of 
radiation. Data on hours of sunshine, or percentage of possible sunshine 
are widely available. Methods for the use of these data to estimate solar 
radiation can be found elsewher~ (90). 
Radiation incidence data is the best source for the determination 
of thermal loading. The theoretical method described in Appendix J will be 
used to verify results. 
Typical meteorological year tapes were prepared by the Sandia 
Laboratories in Albuquerque for the years 1954 to 1972 (96). Data were ini-
tially ~repared for 26 SOLMET stations "from the list shown in Fig. 5.1. 
Nine i.ndices (total horizontal radiation; maximum and minimum, and mean of 
dry-bulb and dewpoint temperature; and the maximum and mean of wind speed) 
were identified as critical. They were weighted with the solar index as 
50 percent and the rest of the factors as 50 percent. The typical months 
were identified by their closeness to long-term cumulative distribution 
functions. Periods of hot, cold, sunny or cloudy days were given priority 
in the final selection (88). 
The 26-station weather tape was used to determine the magnitude 
and distribution of temperatures that can be expected on days with extreme 
conditions in typical concrete bridge structures at these locations. Each 
station is represented by 12 different months in its meteorological history 
for which a total of 8760 hours of climatic data are available. 
For the purpose of this investigation only the data for June and 
July were used to select extreme day conditions for each station. Table 
5.1 shows the names and locations of the 26 SOLMET station. Theyare 
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arranged in the order of weather station"numbers (WBAN system) which is 
similar to the way the data were organized on the tape. 
5.3 Selection of Extreme Days 
The 21st of June is the longest day of the year and would with 
absolutely clear sky conditions exhibit the maximum total daily solar radia-
tion of the year. Perfect clear sky conditions, however, are very rare in 
parts of the country, especially in some of the coastal regions. The condi-
tions expected to produce maximum thermal loadings were therefore selected 
from the available data on the months of June and JUly. 
Two days were selected for each station to be used in the calcula-
tion of temperature distributions. The three important meteorological param-
eters which determine the temperature distribution in concrete bridge struc-
tures are total solar radiation, temperatute variation during the day and the 
average wind speed before 1600 hours. (The maximum temperature distribution 
occur early in the afternoon and is not influenced by weather conditions later 
in the afternoon.) 
It is also important to know whether the three specific weather 
parameters can exhibit extreme values simultaneously to produce an absolute 
extreme temperature distribution. Emerson (54, 56) found it unlikely for 
extreme environmental conditions to occur on the same day in England. 
The two most important weather factors to produce extreme tempera-
ture distributions are very high radiation accompanied by no wind speed. The 
daily temperature variation has a smaller overall effect. (The influence of 
each factor on the total thermal loading will be discussed later.) 
It was necessary to determine, for the 26 stations under discussion, 
whether any correlation exists between the three weather parameters on any 
day. That will also indicate the possible coexistence of the extreme environ-
mental conditions on any given day. 
69 
5.3.1 Correlation Analysis 
The correlation analysis is a study of the degree of linear inter-
relation between random variables (80). The correlation between two random 
variables x and y is measured by the correlation coefficient, mathematically 
defined as (80): 
= E[(X - ~x)(Y - ~y) 
axay 
The correlation coefficient may be estimated by 
;'\. 1 
P = n-:-r 
n I (x. - m ) (y. - m ) 
i=l 1 x 1 Y 
sx Sy 
1 
n-:-r 
n I (x.y. - m m ) i=l 1 1 x Y 
sx Sy 
where mx' my, Sx and Sy are the sample means and standard deviations of X 
and Y, respectively. The value of p ranges from -1 to +1 and is a measure 
of the strength of the linear relationship between the two variables X and 
Y. The closer that the estimate of p is to +1 or -1, the stronger the 
linear relationship. A value of a would indicate the absence of a linear 
relationship. 
Table 5.2 shows the correlation coefficients between the total 
daily radiation, temperature variation and average wind speed. It shows 
clearly, as can be expected, that there is a high correlation between the 
total daily radiation and the temperature variation. This means that in 
general large temperature variations will accompany high total radiation 
for that day. On the other hand the correlation between the total daily 
radiation and average wind speed is very weak. The correlation parameter, 
however, is not sufficient in such a case to indicate that the average wind 
speed is independent of the radiation experienced during the same day. 
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The interrelationship· of radiation, temperature variation and wind 
speed, will be discussed for four weather stations, i.e., Miami, FL; Dodge 
City, KS; Albuquerque, NM; and Phoenix, AZ._ It can then be compared to the 
trends observed in Table 5.2. Figures,5.2 - 5.4 show the variations in the 
weather parameters for two typical months at these locations. 
Miami (Station 5) has below average correlation between the radia-
tion and temperature variation. It also experienced low radiation due to 
cloudiness (Fig. 5.2). In Dodge City (Station 9, Fig. 5.3) high total radia-
tion is accompanied by high average wind speeds, which might have given rise 
to the exceptionally large correlation between these parameters. Albuquerque 
(Station 13, Fig. 5.4) experienced high radiation, but low average wind speed, 
while the meteorological data for Phoenix (Station 15, Fig. 5.5) indicate 
extended periods of virtually cloudless days accompanied with very small 
variation in wind speed. In contrast to most of the other stations where 
little or no correlation was found between solar radiation and wind speed a 
high but negative value was obtained for Phoenix. In general, stations with 
high variations in total radiation also experience high temperature variation. 
Figures 5.6 - 5.9 show the wind speed versus the total daily radia-
tion for the four stations previously mentioned. It clearly shows that the 
weather system which relates wind speed and radiation is much more complex 
than simple linear relationships and involve many other climatical factors 
which will not be discussed in this study. Apart from the fact that some 
stations are prone to have higher average wind speeds, high radiation does 
occur with a wide range of accompanying wind speeds. 
5.3.2 Climatical Data for Thermal Analyses 
Due to the illustrated complexity of the meteorological system it 
is not justified to simply combine extreme climatical conditions in order 
to determine hypothetical maximum temperature differences through the con-
crete structure. Provision for such a hypothetical condition can lead to 
overdesign and unnecessarily increase in construction costs. Data for two 
actual days recorded at each weather station during June and July were used 
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to calculate the corresponding temperature distributions. The first day 
represents the day with the largest total solar radiation during the typical 
meteorological year. The second day was selected from those during the 
typical year for which at least 95 percent of the radiation of the first day 
was recorded. The main priority for the choice was a combination of very low 
average wind speed and large total radiation. Very little attention was given 
to temperature variation during any of the days. The climatical data for the 
two days selected for each station are presented in Table 5.3. 
5.3.3 Evaluation of Maximum Radiation Values 
The method described in Appendix J is generally used in solar 
engineering for the theoretical determination of instantaneous beam as well 
as diffuse solar radiation. In order to evaluate the measured maximum radia-
tion values, the solar radiation mea~ured at the different SOLMET stations 
were compared with the theoretical clear sky distribution on the 21st of June 
(Table 5:4). The values of statistical .average daily radiation for June or 
July (whichever is larger) are also given (92). 
The comparison in Table 5.4 indicates the accuracy with which 
maximum radiation can be predicted. In a few cases the theoretical value is 
up to 7 percent less than the measured radiation values. In general the 
largest differences occur at stations where the weather conditions are highly 
variable and clear sky conditions exist only for short time periods. It is 
also important to note that the empirical values used in the theoretical com-
putations discussed in Appendix J are based on average clear sky conditions 
and actual radiation data may vary as much as 10-15 percent for isolated 
cases (91). High accuracy is achieved with the theoretical method as shown 
in Table 5.4, since the measured radiation was more than 10 percent higher 
than the theoretical total radiation for only two stations. It is therefore, 
justified to use the theoretical method for reliable estimation of the clear 
day radiation at any site for which solar radiation have not been recorded. 
When comparing the statistical average daily radiation at the 
different stations with the corresponding maximum reported values, it is 
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evident that the measured values are weli above average (Table 5.4). The 
recorded radiation values are therefore considered suitable to represent 
the upper level of radiation at the respective stations. 
This method to calculate theoretical clear sky radiation and 
the distribution of radiation differs somewhat from those used by other 
researchers in the field of thermal analysis of bridges. In an alternative 
approach the solar heat energy input on the top horizontal bridge surface 
is simplified by a sinusoidal function (13, 52), e.g., 
I (t) = 2S . 2 T Sln a·. 
where I(t) = intensity, 
S = total radiation during the day (an assumed value), 
Lt = 1 ength of solar day (an assumed value), 
a = iTt Lt 
This distribution is ·based on assumed values for Sand It Emerson 
(52) noted that this method is very simple, but not always very accurate. 
In a country with such a large range of weather conditions such as in the 
USA the method discussed in Appendix J is considered more suitable because 
of its general applicability and accuracy. In order to verify the accuracy 
of the theoretical radiation distribution used in this study, it was compared 
with the distribution values obtained for the days with maximum radiation. 
The recorded distributions are reported as total hourly values, so that the 
theoretically computed solar radiation curves had to be integrated to make 
comparisons. The four weather stations selected for the illustration of 
weather parameters (Section 5.3.1) were used for this comparison. The 
theoretical radiation distribution and the values obtained on the day of 
maximum solar radiation in the typical meteorological year are compared in 
Figs. 5.10- 5.13. The radiation distribution for Dodge City (Station 9) 
shows the largest difference of all 26 SOlMET stations between the recorded 
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values and theoretical computations. 'The total radiation for this station 
was the highest of all the SOMET stations during the typical year. It was 
also exceptionally high for Dodge City, about 5 percent above the second 
largest total daily radiation recorded for this station. It will be shown 
later that this extreme condition did not coincide with extreme values for 
the other climatical factors. The theoretical method for the calculation of 
daily solar radiation distribution for the other three stations (Figs. 5.10, 
5.12, 5.13) shows good agreement with practical values. It can reasonably 
be expected that similar correlations will be found for all the other weather 
stations. This method can therefore be used to predict both maximum radia-
tion and radiation distribution at any site on any day of the year. 
5.4 Data for Thermal Analyses 
It is necessary to establi"sh thermal loading parameters that are 
specifically applicable to the summer extremes at the different SOlMET sta-
tions from the available meteorological data. It is also necessary to deter-
mine the attenuation of the temperatures through the structural concrete from 
the upper surface and specifically the influence of the thickness of existing 
bituminous surfacing. Design criteria have to be developed from the result-
ing analyses, which can be used as guidance for the incorporation of thermal 
loading into the bridge design process. 
In the theoretical process of thermal analysis where only limited 
data is available, the values of parameters have to be reliable. Assumptions 
made in the theoretical analysis will be discussed in the following cate-
gories: climatical data, thermal properties of structural material and 
starting conditions in the structure. 
5.4. 1 C 1 i ma t; ca 1 Da ta 
The ambient conditions as measured at the 26 SOlMET stations were 
used for the determination of the variation in thermal loading parameters 
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through the USA. The time was recorded at all the stations according to the 
solar time system which is a more standardized approach than the regular time 
zone system. In locations close to the borders of time zones sunset and sun-
rise may differ more than an hour from locations on the same latitude, but 
close to the other border of the same time zone. Wind speed was measured 
about 10 m above the ground. To allow for the probable reduced exposure of 
bridges at heights which would normally be between 2 and 6 m above ground 
and possible partial protection by the surroundings, the recorded wind speeds 
are reduced with 20 percent (the sensitivity analysis which follows later will 
verify the influence of this reduction on the thermal analysis). All the 
other weather data was used exactly as recorded. 
5.4.2 Thermal Properties of Structural Material 
As discussed in Appendix A a range of thermal properties has been 
reported in the literature. Priestley (24) did a parameter study on the 
influence of d;fferent thermal properties of concrete on the response of 
bridge structures. The influence of changes in these properties within the 
range of experimentally determined values was found to be small. One excep-
tion, however, is the absorptivity of the exposed upper surface. This fac-
tor will be discussed in more detail with the sensitivity analysis. The 
different thermal properties and variables to be used in the thermal analyses 
are presented in Table 5.5. 
5.4.3 Starting Temperature Distribution 
During the discussion of the measurements on the Kishwaukee River 
Bridge the importance of the starting temperature distribution for the subse-
quent theoretical thermal analysis was indicated (Section 4.3.2). In bridges 
with section depths of more than 1.5 m, very little temperature change takes 
place in the lower part of the structure and the use of an incorrect starting 
distribution may result in the prediction of afternoon temperature differ-
ences which are too high or too low. 
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Although some researchers assume that the calculation starts from 
a uniform temperature distribution at 800 hours, temperature differences of 
up to 6°C can exist at this time (52). As shown for the Kishwaukee River 
Bridge the measured temperature differences between corresponding top and 
bottom strain gauges at 800 hours were between 2°C and 4°C. Thurston (30) 
reported results of temperature measurements on the Bell Street Bridge and 
New Market Viaduct in New Zea~and, two multicell box girder bridges of total 
depths 1.8 and 2.4 m, respectively. At the time of minimum temperature dif-
ferences (600 hours) there was a difference of 5°C between the top and the 
bottom of the web of the Bell Street Bridge. For the New Market Viaduct 
temperatures were recorded in t~e slabs above and below the air cavity. In 
that case virtually no difference in temperature existed at 600 hours, when 
the minimum temperature difference was recorded. 
Emerson (52, 55) studied the influence of the starting temperature 
distribution on the subsequent theoretically calculated temperatures for 
times later in the day. In the comparison of theoretical results with tem-
peratures measured on the Adur Bridge in England, a concrete box girder 
bridge with a structural depth of 1.1 m, two different approaches were used. 
The two theoretital computations differ only in the starting cross 
section temperature. In the one case a uniform starting temperature equal to 
the average measured temperature through the cross section was used. In the 
other case the starting temperature distribution was taken as measured. In 
both cases the analyses was started at 800 hours Greenwich Mean Time. 
Emerson showed for this bridge that reasonable agreement between 
the measured and calculated temperature distributions was obtained irrespec-
tive of which starting condition was used. It can therefore be assumed that 
for structures with a thickness of up to 1 m a uniform starting temperature 
of reasonable value can give rise to the prediction of an accurate temperature 
distribution through the structure. 
In a similar comparison using nonlinear or uniform starting temper-
atures through a 2 m concrete structure it was found that the starting 
temperature had very little effect on the temperature distribution at the 
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time at which extreme differences in the ·temperature distribution was obtained 
(Fig. 5.14). During summer a thermal history of high radiation on preceding 
days can cause slightly higher temperatures in the upper part of the super-
structure. 
For structures with structural depth beyond 1 m the use of a uniform 
starting distribution poses a specific problem. With the linear thermal 
analysis the temperatures of points below about 1 m from the top surface and 
above about 0.3 m from the soffit stay constant throughout the analysis. In 
other words, for decks with a structural .. depth of more than 1 m the heat 
input to the upper and lower surfaces does not penetrate to these levels. 
According to the Kishwaukee River Bridge measurements (discussed 
in Chapter 4) the upper part of the deck had a temperature of about 1.5°C 
higher than that measured at the deck midheight at 800 hours. Similarly, the 
measured temperature at midheight was ~bout 1°C higher than that near the 
soffit of the superstructure. It can thus be seen that in reality a small 
temperature gradient may exist at the time of day when the temperature through 
the cross section is considered to be at its minimum. It is also clear that 
although the assumption of a uniform starting temperature early in the morning 
is not totally correct, the error introduced is small. 
The difference in measured and assumed starting temperatures can 
be diminished by repeating the thermal analysis for the same day. The first 
cycle is based on a uniform temperature distribution at 800 hours, but since 
the actual weather conditions are used, a temperature distribution at 800 
hours will be generated for the second cycle which aoproaches the measured 
temperature distribution. It is important to note that we are ultimately 
interested in the induced thermal loading and not the temperature distribu-
tion. Except for the determination of the expansion and contraction of the 
bridge structure the temperature distribution per se is not of primary 
importance. 
The induced stresses at each level are calculated using the 
temperature change from a specified reference temperature. The assumption 
is then that no thermal stresses exist with the reference temperature 
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distribution. A uniform reference temperature distribution is generally 
used. If, however, since the upper part of superstructure cross section is 
invariably 2 to 4°C higher than the bottom part .it can be expected that in-
duced stresses due to this small temperature difference will be at least 
partially alleviated by differential creep. Even though the calculated 
temperatures towards the midheight of the structure may be up to 3°e differ-
ent from the measured values, the calculated values are considered to give a 
very good representation of the actual induced stresses. 
The actual values of starting temperature are more important than 
the type of distribution used. Emerson (53, 55) extensively researched the 
effective bridge temperatures and the minimum temperature distribution early 
in the day. The effective bridge temperature is the mean temperature through 
the cross section which governs the amount of expansion and· contraction of 
the structure. The minimum tempera~ure distribution occurs at the time when 
the mean temperature reaches its minimum 
Due to the thermal lag of a massive concrete bridge it is not 
possible to relate its daily minimum effective temoerature to the instan-
taneous shade temperature with any degree of accuracy. The response of 
large box girder bridges is so slow that it can take up to three days to 
absorb the effect of a change in environment so that, to achieve a correla-
tion, the shade temperature needed to be damped in some way. 
Emerson (53) found that the best value for the minimum effective 
temperature can be derived from the so-called 48 hour mean shade temperature. 
The mean 48 hour shade temperature is defined as the mathematical mean of the 
following four temperatures: 
a) The minimum shade temperature of the day under consideration; 
b) The maximum and minimum temperatures of the previous day; 
c) The maximum temperature of the day before that. 
Figure 5.15 shows the best correlation found for the plot of nine 
years of records of daily minimum effective bridge temperatures against the 
corresponding 48 hour mean shade temperatures. The records were obtained 
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for several bridges in England. Definite correlations existed for individual 
bridges, but they varied slightly due to the range of thermal inertias of the 
bridges. For example, a regression function of y = (1.06x - 1.0) °e where 
x = 48 hour mean shade temperature and y = daily minimum effective temperature 
was computed fnr the Medway bridge, which is a 2.4 m deep box girder bridge. 
In Fig. 5.15 the two bounding lines of the funct10n have a vertical 
separation of 5°C and contain 97 percent of the points·. The one fact that 
has to be stressed is the lack of data towards the upper end of the graph. 
England with its colder climate .rarely reaches an extreme mean shade tempera-
ture of 24°C while in the USA a meari shade temperature of up to 28°C is not 
uncommon. The data from the 26 SOlMET stations were used to calculate mean 
48 hour day shade temperatures for the two days of highest radiation at each 
station. A range of 16°C to 29.6°C was obtained with the majority of 
temperatures above 24°C. 
Despite the lack of data in the higher temperature range the good 
correlation between the two mentioned variables is considered a good guidance 
for the choice of a starting temperature d1s·tribution in a theoretical 
thermal analysis. The function of y = (1.06 x - 1.0) °C as defined before 
yields a minimum effective temperature very close to the 48 hour mean 
temperature. 
Based on the work of Emerson (55) the British Design Code BS 5400 
(74) specifies that uniform starting temperatures can be used for the thermal 
analysis of all bridges. To allow for the fact that 48 hour mean temperatures 
are not always available, starting conditions are recommended as follows (74): 
a) For depths of construction less than 0.25 m, the shade tempera-
ture at 700 hours is used for the starting temperaturei 
b) For depths of construction between 0.3 m .and 0.45 m the 800 
hours shade temperature + 2°C is recommended; 
c) For depths of construction more than 0.5 m the shade tempera-
ture at 800 hours + 4°C is used. 
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The reason for staggering the specifled temperatures is the higher thermal 
inertias of the larger structures. 
For several days with very even weather conditions the choice of 
starting temperatures according to. the British Code or the 48 hour mean shade 
temperature method yield similar answers. The 48 hour mean function method, 
however, has a sounder experimental basis and is therefore used for even 
weather conditions. In some cases where preceding days showed large fluctua-
tions in temperature this method was unreliable. It was then used only as a 
lower limit of starting temperatures· and the average value of starting temper-
atures obtained by the two methods was used in such cases. 
This proposed method for the determination of starting temperatures 
is in very good agreement with the starting temperatures obtained in field 
measurements on the Kishwaukee River Bridge as discussed in' Chapter 4. 
5.5 Thermal Analyses for 26 SOLMET Stations 
This solution method is a linear thermal analysis where only verti-
cal heat flow is being considered, as has been described before. In four 
series of analyses, concrete structures of different depths were analyzed 
with plain concrete upper surfaces or with 50 mm or 100 m bitumen blacktops, 
respectively, under the specific weather conditions at each of the 26 SOLMET 
station~. In the first series the weather data of two days (Table 4.3) were 
used to compute the temperature distribution through a 2 m deep structure. 
The day which gave rise to the higher temperature difference through the 
structures at each of the stations was used for the analysis of structural 
concrete of 1.0 m thickness in the second series, 0.5 m thickness in the 
third, and a structure with an air cavity in the fourth series. The thickness 
of the deck slab was 0.2 m, the bottom slab 0.15 m and the overall thickness 
was 1.0 m in the last case. 
In all cases uniform starting temperatures were selected for 800 
hours as described in the previous section and 34 cycles of thermal analyses 
at one hour intervals were performed. The data of this day were repeated at 
the appropriate hours and the analyses were terminated at 1800 hours. 
5.6 Results of Thermal Analyses of Solid Structures 
As noted previously, the comparatively low conductivity of concrete 
does not allow significant heat penetration from the top to depths of 1 m or 
more. The structural depths of 0.5 m,'l m and 2 m were therefore analyzed 
to give an indication of thermal behavior of concrete structures in the dif-
ferent categories. 
The discretization of the individual structures for finite differ-
ence analyses is listed in Table 5.6. The maximum temperature differences 
obtained from the respective thermal analyses of the 0.5 m, 1 m and 2 m 
structures are presented in Tables 5.7- 5.9. In this case the maximum 
temperature difference is defined as the difference between the maximum and 
minimum temperatures in the structure at the time when the maximum tempera-
ture is reached on the top of the concrete structure. Due to thermal lag 
this situation usually occurs later than when the temperature is a maximum 
on top of the bitumen layer. 
To simplify the interpretation of results the geographical varia-
tion of the maximum temperature difference through the 2 m structure with an 
exposed concrete top surface, 50 mm blacktop, respectively, are presented in 
Figs. 5.16 - 5.18. The three sets of analyses show similar variations of 
values with location and a decrease in temperature differences with an in-
crease in blacktop thickness. 
The study of the geographical presentation of the results can lead 
to the identification of temperature regions. The stations representing the 
desert and semi-desert parts of the country, e.g., western Texas, New Mexico, 
Arizona, Nevada and Easter California, exhibited the highest temperature 
differences. The values obtained for structures with no blacktop in this 
region (Fig. 5.16) are between 30°C and 32°C. Due to coastal effects the 
values for stations in western California, Oregon and Washington are reduced 
a few degrees. 
High radiation and occasional low wind speeds measured at the sta-
tions in Montana and North Dakota caused temperature differences of 27°C. In 
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Dodge City the highest one day radiation of all the SOLMET Stations was 
recorded, but very high wind speeds are quite common (Figs. 5.3 and 5.7). 
The slightly smaller temperature difference (26°C) obtained for Dodge City 
may be attributed to the wind factor. 
The climatical data for the stations in the midwest produced very 
similar results with values ranging from 24-26°C. Nashville, TN with a maxi-
mum temperature differences of 27°C, can also be included in this region. 
Thenmal analyses for all the stations along the Gulf Coast, including Miami, 
yielded temperature distributions of· 21 or 22°C. The recorded solar radia-
tion at these stations were medium to low, because this part of the country 
has the lowest atmospheric clearness number (Table 5.3 and Fig. J.5). The 
constant Gulf Coast winds of between 2 and 6 m/s resulted in the reduction 
of maximum temperature distributions. 
The results from the weather data of the solar stations along the 
East Coast are similar with a range of 20-24°C. Only Sterling which is 88 m 
above sea level and about 200 km away from the coast showed a temperature 
difference of 27°C, which is 3-4°C higher than those for the East Coast 
stations. This may be attributed to lower average wind speeds than measured 
for coastal stations in the region. 
Published values of temperature distributions are very scarce, 
which makes checking of results very difficult. However, extensive field 
measurements of the thermal behavior of two curved prestressed box girder 
bridges with an overall depth of 1.7 m were made (62). The bridges are 
situated near University Park in Pennsylvania. A maximum temperature differ-
ence of 28.3°C was measured for both bridges. This is consistent with the 
results obtained for Sterling, VA which is the nearest station. The field 
measurements on the Kishwaukee River Bridge (Chapter 4), which has a 50 mm 
bitumen black top, indicated that the maximum temperature difference on 
8 July 1982 was 17°C. This can be compared with the extreme value calcu-
lated for the 2 m deep structure with a 50 mm blacktop at Madison, WI (about 
110 km away from Rockford) of 20°C. 
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The results are not conclusive~ because larger temperature differ-
ences may occur in bridge structures under special circumstances which occur 
infrequently. It is unlikely that the total daily solar radiation used in 
this analysis will be exceeded often, because the values were similar to or 
higher than the theoretically determined maximum radiation values. However, 
since no real correlation exists between solar radiation and wind speed, it 
is possible that very low wind speeds can coincide with high radiation, which 
will produce extreme temperature differences. 
Table 5.10 indicates how many days in the typical year would approach 
the maximum calculated temperature differences for each station. These days 
were arbitrarily defined as having a total solar radiation no less than 97 
percent of the day which caused the maximum condition together with an aver-
age wind speed of no more than 20 percent higher than the average wind speed 
of the reference day. For the vast majority of the stations the extreme 
conditions were very seldomly approached during June and July. 
Weather data for the stations at Brownsville, TX; El Paso, TX; 
Phoenix, AZ; Medford, OR; and Fresno, CA show a probable incidence of 7 to 
9 days during this two month period with conditions favorable for high temper-
ature differences. Brownsville is the only station of this group for which 
the computed maximum temperature difference was lower than 28°C for the con-
crete structure with no blacktop. Distress due to thermal loadings is more 
likely to occur with repeated high thermal loadings at the above mentioned 
stations. 
5.7 Sensitivity Analyses 
In the case of thermal loadings it is not considered necessary to 
design for special conditions with a very long recurrence period. It is 
necessary, however, to study. the influence of changes in each of the weather 
parameters on" the thermal response of the structure. Due to the likelihood 
of substantial changes in the wind speed independent of the other weather 
parameters local variations from the computed maximum temperature differences 
are possible. 
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The weather data of Albuquerque, NM and specifically that of the 
day for which the largest temperature differences through bridge structures 
were computed, were used in a set of sensitivity analyses. The sensitivity 
of the maximum temperature difference to variations in the weather parameters, 
namely solar radiation, temperature variation and wind speed was studied. 
The absorptivity of the top surface may vary substantially for different 
surface properties as well as with the type of material used for pavement. 
The radiation absorbed by the structure is equal to the product 
of the absorptivity and total radiation so that a change in absorptivity 
can also be regarded as a change in radiation intensity for a constant value 
of absorptivity. 
The 2 m deep concrete structure with the different top surface 
properties previously discussed was used for this analysis.' The absorptivity 
was varied between 0.3 and 1.0, dally ambient temperature variation between 
6°C and 29°C was considered, and the average wind speed before 1600 hours was 
varied between 0 and 6 m/s. In each case two parameters were kept at their 
recorded values while the third was changed. 
The computed results of the sensitivity analyses are shown in Fig. 
5.19. SUbstantial changes can be caused by a change in the solar radiation 
intensity or the wind speed. Although an increase in the temperature differ-
ence is clearly caused by larger temperature variations, the influence of 
this parameter is very small. Daily temperature variations for the 26 SOlMET 
stations were between 8°C for locations with low radiation and 21°C for the 
stations which generally experience high radiation. A temperature variation 
within this range is unlikely to change the temperature differences in bridge 
structures more than 2°C. It must be noted, however, that a high correlation 
exists between solar radiation and temperature variation so that changes in 
these two parameters can strictly not be separated. 
According to Fig. 5.19 a sharp linear increase in the temperature 
difference is obtained with an increase in insolation or absorptivity. As 
expected, the plot for the exposed concrete deck shows the largest gradient 
and a decrease in gradient is obtained with an increase in blacktop thickness. 
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The gradient of temperature difference v~ wind speed reduces as 
the average wind speed increases. A structure with a 50 mm blacktop thick-
ness would have a computed reduction of 50 percent or l6°e if the average 
wind speed increases from 0 to 5 m/s. 
The weather data of Apalachicola, FL were used for similar sensitiv-
ity analyses to study the sensitivity of temperature difference at the lower 
end of the thermal spectrum. This station was chosen because the maximum 
temperature difference obtained by thermal analysis was comparatively low 
due to medium solar radiation and high wind speeds in this region. The re-
sults are illustrated in Fig. 5.20. 
The comparison of the solar radiation graphs in Figs. 5.19 and 
5.20 show clearly that the temperature difference is less sensitive to a 
change in the total radiation if it is accompanied by higher wind speeds. 
High wind speeds play an important role in the reduction of the effects of 
radiation. 
5.8 Equations Predicting Maximum Temperature Differences 
It should be possible to predict the temperature differences in 
structures at other locations with different weather conditions by. using the 
sensitivity relationships obtained for one station. The equations will be 
derived for a bridge structure deeper than 1 m with an exposed concrete sur-
face and will be based on the sensitivity relationships for Albuquerque, NM. 
Data used in the sensitivity analyses: 
Total Daily Radiation 
Temperature Variation 
Average Wind Speed Before 1600 hours 
Absorptivity 
Wind Speed Reduction Factor 
= 
= 
= 
= 
= 
33818 kJ/m2 
16.0o e 
1.73 m/s 
0.7 
0.8 
The radiation vs. temperature variation graphs were considered linear, using 
Fig. 5.19: 
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Slope of Absorptivity vs. remp. Difference Graph = 40.5°C 
Slope of Temp. Variation vs. Temp. Difference Graph = 0.2692°C/oC 
A fourth order polynomial was used to describe the Temperature 
Difference as a function of average wind speed. 
Temperature Difference f[v] 
= 37.4 - 9.28 v + 3.56 v2 - 0.640 v3 + 0.0419 v4 
where v = reduced wind speed [m/s] 
If v > 2 mis, a linear relationship would be quite satisfactory. 
where 
Temperature difference as a function of all the weather parameters: 
f [S, TV, v] = 40.5 (S • al33818 - 0.7) 
+ 0.269 (TV"- 16.0) + f[v] 
S = total daily solar radiation [kJ/m2] 
TV = temperature variation [OC], and 
a = absorptivity. 
Similar estimation functions can be derived from the other sensitiv-
ity functions: 
Station 4 - Apalachicola, FL (Sensitivity Equations 1) 
No Blacktop: 
f [S, TV, vJ = 28.2 (S· al29089 - 0.7) + 0.342 (TV - 11.1) + 32.3 
- 4.84 v + 0.771 v2 ~ 0.088 v3 + 0.00463 v4 
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50 mm Blacktop 
f [5, TV , v] = 18.5 (5 • a/29089 - 0.9) + O. 163 (TV - 11. 1) + 27.5 
- 4.94 v + 0.844 y2 - 0.0986 y3 + 0.00515 y4 . 
100 m B1 acktop 
f [5, TV, vJ = 12.9 (S· a/29089 - 0.9) + 0.075 (TV - 11.1) + 19.7 
- 3.90 y + 0.632 y2 - 0.0581 y3 + 0.00208 y4 
Station 13 - A1buguergue, NM (Sensitivity Equations 2) 
50 mm Blacktop 
f [S, TV, vJ 
100 rrnn Blacktop 
24.7 (S· a/33818 -' 0.9) + 0.239 (TV - 16.0) + 32.4 
- 7.94 v + 1.90 y2 - 0.282 v3 + 0.0179 y4 
f [S, TV, yJ = 17.7 (5· a/33818 - 0.9) + 0.166 (TV - 16.0) + 23.2 
- 5.83 v + 1.39 y2 - 0.202 v3 + 0.0122 y4 
The results of this calculation of temperature differences is com-
pared in Table 5.11 with the results obtained from the thermal analyses. It 
shows that the temperature differences can be accurately predicted with both 
sets of sensitivity equations derived above. In most cases the agreement is 
within 1°C. 
Due to the fact that the two sets of equations were developed from 
we·ather data representing the lower and upper bounds of the maximum tempera-
ture differences, slightly better results can be obtained from one set of 
equations when it is applied to weather data similar to that of the station 
for which it was derived. 
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i.e., Sensitivity Equations 1 : 
Daily Solar Radiation < 30000 kJ/m2 
Average Wind Speed > 2.5 m/s 
Sensitivity Equations. 2: 
Daily Solar Radiation > 29000 kJ/m2 
Average Wind Speed < 2.5 m/s 
The developed expressions are primarily applicable to structures 
with structural depth of 2 m. However, the data presented i~ Tables 5.7 and 
5.8 show that there is very little difference between the results of the 1 m 
and the 2 m deep structures. Good results can therefore be expected using 
the sensitivity equations to estimate temperature differences for concrete 
structures with depths of more than 1 m. 
5.9 Temperature Distribution in Webs 
The wide variety of thermal conditions which exists throughout the 
USA was reflected in the maximum temperature difference results. The varia-
tion in temperature distributions under these condit~ons and especially the 
bridge response to these temperature loadings are important. 
The SOLMET weather stations at Brownsville, TX and Phoenix, AZ 
represent the lower and upper limits of the computed maximum temperature 
differences. The temperature distributions associated with the weather data 
of the other stations are assumed to fall mainly within the bounds set by 
these stations. 
The temperature distributions obtained from the weather data of 
these two stations are illustrated in Figs. 5.21 - 5.23. The graphs repre-
sent the thermal analyses for structures with an exposed concrete upper sur-
face, 50 mm bitumen blacktop and 100 mm bitumen blacktop, respectively. In 
each figure the results for 2 m, 1 m and 0.5 m deep concrete structures are 
shown. 
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It is appropriate to compare the computed temperature distributions 
with the design temperature distribution as specified by the New Zealand 
Ministry of Works (78). This was done for the 2 m structures and is shown in 
each of the applicable figures. 
Although the temperature distributions of the two weather stations 
are not far apart, the horizontal separation in the top 0.2 m of the structure 
is between 4°C and 10°C for the unpaved structures. Differences in tempera-
ture distributions of this magnitude can cause substantial differences in 
thermal loading. This aspect will be p~rsued further in Chapter 6. 
The computed temperature distributions have a notably higher gra-
dient than the curve of the New Zealand Code. The maximum temperature distri-
bution is a function of the blacktop thickness. The blacktop serves as insula-
tion and due to thermal lag the maximum temperature distribution occurs later 
in the concrete structure when it is cQvered with thicker pavement. Maximum 
temperature distributions were generally recorded at 1400 hours, 1530 hours, 
and 1700 hours for the unsurfaced structure, 50 mm and 100 mm blacktop struc-
tures, respectively. 
The computed temperature distribution for Phoenix, AZ closely re-
sembles the corresponding curve of the New Zealand Code for the structure with 
a 50 mm blacktop. For the unsurfaced structure the computed curve is slightly 
below that of the New Zealand Code, while for the structure with the 100 mm 
bitumen pavement the computed temperatures are slightly above the Code values. 
The bottom portion of the New Zealand curve, which is not shown, is 
a linear function from a value of 1.5°C of the soffit to O°C 0.2 m higher up. 
The computed soffit temperatures ranged between 2°C and 3°C for the 1 m and 
2 m deep structures. The temperature distributions for a structural depth 
of 0.5 m do not reach the maximum values obtained for the deeper structures 
at the surface and the computed soffit temperatures are also slightly lower. 
5.10 Temperature Distribution in Deck Slab Above Air Cell 
The weather. data of each SOlMET station were used for a set of 
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thermal analyses to determine the temperature through the deck slab above 
the cavity of box girder bridges. A 0.2 m thick slab was used. The results 
show a slightly smaller temperature gradient for the deck slab as compared 
with the upper 0.2 m of the solid structures. In the case of Brownsville, TX, 
the temperature on the top of the deck is approximately the same and the 
horizontal separation in temperature at the bottom of the deck slab is be-
tween 1°C and 2°C. This bottom separation lies between 3°C and 5°C for 
Phoenix, AZ. It is important to point out that with a deck slab thinner 
than 0.2 m smaller temperature gradients can be expected. However, convec-
tive currents in the air. cavity would tend to lower the temperatures at the 
bottom of the deck slab. 
The temperature distribution for a deck slab above the air cavity 
in box girder bridges is not substantially different from that of the upper 
portion of the webs. The effect of thi~ difference in distribution on the 
thermal loading of bridges will be addressed in Chapter 6. 
5.11 Temperature Distribution Approximation 
The New Zealand Code (78) specifies a fifth order temperature 
distribution to be used in the design of bridge slabs. The implementation 
of this distribution in the design of complex bridge sections is very diffi-
cult unless special-purpose computer software is readily available. 
A simplification can be made to the temperature distributions by 
approximating them with straight line segments. Table 5.12 indicates how 
the lower and upper limits of extreme temperature distributions as repre-
sented by the weather data for Brownsville, TX and Phoenix, AZ can be 
approximated for structures with different surfacing. This diagram is a good 
approximation for structures deeper than 1 m. The majority of highway bridges 
fall in this category. The prediction of the thermal response of bridges 
according to the approximate distribution or the computed temperature distri-
butions will be compared for a variety of structures in Chapter 6. 
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The maximum temperature distributions for other stations can be 
approximated by using the calculated temperature difference for that station 
(Tables 5.7- 5.9) to interpolate from the multilinear boundary curves 
presented in Table 5.12. 
5.12 Conclusion 
Theoretical methods are available to generate values of weather 
parameters for the successful thermal analysis of bridge structures in any 
location of this country for which only limited weather data is available. 
A wide range of thermal loadings wi.ll be produced due to the large distribu-
tion of climatical paramet~rs. It is evident that the combination of weather 
conditions which will result in an extreme temperature distribution would be 
clear days with high solar radiation, high temperature variation and very 
low wind speeds. 
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CHAPTER 6 
PRACTICAL EVALUATION OF TEMPERATURE DISTRIBUTION RESULTS 
6. 1 I ntroduct ion 
In the design of bridges it is necessary to know the maximum range 
of temperature changes that the bridge is likely to experience in its life-
time as well as the shape and magnitude of the temperature distributions 
which will occur through the depth of the superstructure. Extensive atten-
tion was given in Chapter 5 to the different temperature distributions that 
can be expected in di fferent pa rts of the USA. .The des i gn engi neer shoul d 
be aware of the importance of these temperature effects and should be able 
to accommodate it in the design process without being burdened with design 
specifications that are difficult to apply or which may have little or no 
effect on the final design. 
In this chapter the temperature distributions discussed in Chapter 
5 will be evaluated and the thermal response that is induced in different 
types of bridge structures will be presented. One bridge was used for de-
tailed analysis to determine the magnitude and extent of possible adverse 
effects which thermal loadings can cause in a bridge superstructure. The 
thermal response of several other bridges was analyzed in order to generalize 
the behavior. It seemed possible to simplify the prediction of character-
istic behavior for three general bridge types which can be expected under 
different thermal loading conditions. 
Although most attention is normally given to the longitudinal 
behavior of bridge decks the response in the transverse direction can be 
equally important and may have to be duly designed for. A discussion of 
such temperature effects has been included. 
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6.2 Evaluation of Temperature Distribut{ons 
The approximated multilinear curves presented in Table 5.12 can 
in many instances serve as simplified temperature distribution functions as 
was discussed in the previous chapter. Highly nonlinear temperature distri-
butions are difficult to apply in the design of complex sections so that re-
course must be taken to the simplification of sections' when computer programs 
are not available for the analysis of temperature effects. The use of in-
volved temperature distributions for simplified sections is often unjusti-
fied. In order to avoid this dotible approximation the calculation of 
temperature-induced curvatures for different types of cross sections was 
chosen as an indication of the thermal behavior that can be expected for 
each type of structure. Three types of cross sections have bee~ selected 
for the parametric study of this chapter, i.e., rectangular, T-beam, and 
box girder bridges. 
The accuracy of the multilinear temperature distribution approxi-
mation (Table 5.12) was evaluated for rectangular beams by a comparison be-
tween the curvatures induced by computed continuous distributions (Figs. 
5.21 - 5.23) and that induced by the approximated distribution. The curva-
tures were calculated for the two weather stations, Phoenix, AZ (Station 15) 
and Brownsville, TX (Station 6) for a 2 m deep beam with different top sur-
face conditions (Table 6.1). It is evident that the multilinear curves are 
a good approximation for the continuous curves. 
6.3 Induced Curvatures for Solar Radiation Stations 
The computed temperature distribution curves associated with the 
26 solar radiation stations result from a wide range of weather conditions, 
as was discussed in Chapter 5. The shape of the distribution curves can 
therefore be expected to vary for stations having similar maximum temperature 
differences. Since the shape of the distribution curves is reflected in the 
curvature a comparison was made between the maximum temperature differences 
calculated from the weather data of the 26 stations and the induced curvatures 
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on a 1 m deep rectangular beam. Three top surface conditions were considered, 
i.e., unsurfaced, 50 mm blacktop, and 100 mm blacktop (Fig. 6.1(a-c)). The 
coefficient of thermal expansion, ac ' with a' value of 10.8 x 106/oC and the 
modulus of elasticity, Ec ' of 28 x. 10
6 kPa were used in the calculations of 
this chapter. 
The straight lines are the least squares approximation of the 
plotted data points. The spread in data points is more pronounced in the 
plot for the unsurfaced structure than for those with blacktops. This is 
partially a consequence of the fact ·that the maximum thermally induced curva-
ture does not necessarily coincide with the maximum temperature difference. 
In the theoretical thermal heat· flow computations the maximum temperature dif-
ference is very sensitive, for example, a slight change in one of the weather 
parameters can postpone its occurrence up to two hours. Temperature distribu-
tions at the time of maximum tempe~ature differences were selected for curva-
ture calculation. In reality the maximum curvature may be up to 6 percent 
larger than that calculated from these temperature distributions. For all 
practical purposes this deviation is insignificant. The vertical separation 
of data points reflects the influence of the wide range of weather conditions on 
curvatures. Despite the spread in points the calculated correlation coeffi-
cients of 0.92, 0.96 and 0.87 for the lines in Fig. 6.l(a), (b), (c) respec-
tively prove that linear functions are good representations of the plotted 
points. 
The relation between curavture and maximum temperature difference 
was successfully approximated by a straight line for the 26 weather stations 
as was illustrated in Fig. 6.l(a-c). In all three cases the weather stations 
Phoenix, AZ (Station 15) and Brownsville, TX (Station 6) represent the upper 
and lower limits of the calculated maximum temperature differences. A linear 
interpolation between thermal curavtures calculated from the data of Stations 
6 and 15 will enable the estimation of curvatures for any other maximum tem-
perature differences. 
6.4 Induced Curvatures of Bridge Sections 
Temperature loadings do not induce the same response in all types 
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of bridges. The response is mainly dependent on the type of cross section 
of a superstructure, the span configuration, the degree of fixity and the 
bridge material. In this section an attempt will be made to generalize the 
response in a typical cross section depending on its depth and to obtain a 
general thermal curvature for the typic'al cross sections depending on the 
specific thermal loading. Three kinds of typical cross sections were se-
lected, namely rectangular, T-beam and box girder, because of their general 
use in design. 
6.4.1 Rectangular Beams 
6.4.1.1 Thermal Curvatures 
The induced curvatures in rectangular beams within the depth range 
of 0.4 m and 2.0 m shown in Figs. 6.2 and 6.3 for Stations 6 and 15, respec-
tively. In each case only the data points for the unsurfaced structures are 
shown, since the other curves have a simi1ar.spread of points. Each set of 
data points were approximated by a fourth order polynomial calculated accord-
ing to the least squares method. The curves give a very good representation 
of the calculated points except for beams deeper than 1.8 m. In that region 
the curvatures are relatively small so that a small vertical separation be-
tween data points and the polynomial can give a large difference in the tem-
perature moment. 
The calculated polynomials are as follows: [Curvatures x 106 Rad/mJ 
Station 6 
Unsurfaced: 
~ = 1389 - 3372 d + 3320 d2 - 1479 d3 + 246 d4 T 
50 mm Blacktop 
~T = 934 - 2100 d + 1966 d2 - 845 d3 + 137 d4 
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100 mm Blacktop 
¢T = 557 - 1210 d + 1106 d2 - 468 d3 + 75 d4 
Station 15 
where 
Unsurfaced: 
¢ = 1895 - 4211 d + 3916 d2 - 1675 d3 + 270 d4 T 
50 mm Blacktop 
¢T = 1411 - 3038 d ~ 2795 d2 - 1188 d3 + 191 d4 
100 mm Blacktop 
¢T = 897 - 1906 d + 1748 d2 - 743 d3 + 119 d4 
d = total section depth [mJ. 
The calculated curvatures, as well as the residual stresses which 
will be discussed later, are directly dependent on the value of thermal coef-
ficient of expansions ac. In the case of the residual stress it ;s also 
directly dependent on the modulus of elasticity Ec. If" for a specific bridge 
the values of 0c and Ec are other than 10.8 x la-61°C and 28 x 106 kPa, 
respectively, the equations can be amended accordingly. 
6.4.1.2 Continuity Moment from Thermal Curvatures 
The continuity moments can be calculated directly from the curva-
tures using the well known moment area principles or the conjugate beam 
theory. A more practical method would be the use of the f1exura11y fully 
restrained moments of each section, Mo = Ec I ¢T where I = section moment of 
inertia. If the fully restrained section moments are known any general 
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purpose frame analysis program can be employed to calculate the temperature 
continuity moments. The final continuity moments are calculated by the alge-
braic deduction of the fully restrained section moments from those resulting 
from the structural analysis. 
In the case of prismatic bridge superstructures the restrained sec-
tion moments are only applied at the two ends of each span. For nonprismatic 
superstructures the appropriate restrained section moments have to be applied 
at each of the section changes. Stepwise changes every 1/l0th of the span are 
normally used in analyses to represent nonprismatic section changes. 
With unrestrained longitudinal movement the final thermal stresses 
are obtained by the algebraic addition of the stresses resulting from the 
continuity moments and the residual stresses. The induced tension at or 
near the extreme bottom fiber represents the potential critical 'case at a 
particular portion of the bridge. The ,"residual stress" is the deduction of 
the stresses due to the release of axial and flexural restraint from the 
fully restrained thermal stress. Linear curves were found to be an adequate 
approximation of the residual :stresses at the extreme bottom fiber. These 
curves were also calculated according to the least squares method. 
Residual Stresses [MPaJ: 
(Compression is negative, d in meters) 
Station 6 
Unsurfaced: 
f = - 1.4 + 0.185 d 
r 
50 mm Blacktop: 
fr = - 1.3 + 0.111 d 
100 JlIl1 Blacktop: 
fr = - 0.98 + 0.039 d 
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Station 15 
Unsurfaced: 
fr = - 2.6 + 0.506 d 
50 mm Blacktop: 
fr = - 2.1 + 0.253 d 
100 mm Blacktop: 
fr = - 1.6 + 0.136 d 
6.4.2 T-Beam Bridge Cross Sections 
Monolithic slab and beam construction is widely used for reinforced 
concrete bridges with spans in the range of 5 to 14 m (70). A depth-span 
ratio of 0.065 is generally used for continuous bridge structures. The 
AASHTO Code (71) specifies a maximum girder spacing of 
where t slab thickness, 
bw beam width. 
The girder spacing normally ranges from 1.8 m to 3.1 m with the latter for 
longer spans. The State of Illinois specifies the lower limit of slab thick-
ness as 200 mm for longer span T-beam bridges. In practice the lower limit 
of the web width is normally in the order of 300 mm. The web width can be 
reduced by the bundling of steel reinforcement. 
A total of nine T-beam cross sections were selected according to 
these guidelines to determine the induced thermal curvatures in typical T-beam 
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bridges. Their depths range between 0.52 m and 1.63 m. The different sec-
tions used are listed in Table 6.2. 
The thermal curvatures for these cross sections were computed for 
two weather stations and third order polynomials were derived. The results 
are illustrated in Figs. 6.4 - 6.5. As before only the data points for the 
unsurfaced structures are shown. Due to the smaller range in total section 
depth, d, as compared to the rectangular beams, it was' easier to fit a poly-
nomial to the set of pOints. Third order curves were found adequate since 
most of the points were lying on or near. the curves. A straight line appr?xi-
mation for the residual stresses at the bottom fiber proved to be a good 
representation of the computed values. The equations for the thermal curva-
tures and residual bottom fiber stresses are as follows: 
Station 6 
(Curvatures in Rad/m x 106) 
(Stresses in MPa) 
Unsurfaced 
1224 - 2124 d + 1379 d2 - 309 d3 . 
fr = - 2.1 + 0.210 d 
50 mm Blacktop 
¢r = 805 - 1302 d + 820 d2 - 182 d3 
fr = - 1.7 + 0.019 d 
100 mm Blacktoo 
¢T 498 784 d + 485 d
2 
- 106 d3 
fr = - 1.2 - 0.030 d 
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Station 15 
where 
Unsurfaced 
¢T 1541 - 2392 d + 1470 d2 - 321 d3 
fr = - 3.9 + 0.705 d 
50 mm Blacktop 
¢T = 1198 - 1869 d + 118S'd2 - 268 d3 
fr = - 2.6 - 0.021 d. 
100 mm Blacktop 
¢T = 783 1207 d + 766 d2'~ 174 d3 
f = - 1.9 - 0.098 d r 
d = total section depth [m] 
fr = residual bottom fiber stresses [MPa] 
6.4.3 Box Girder Bridges 
Box girder bridges are used for longer span bridges with span 
lengths normally in the range of 24 m to 65 m. The longer spans are usually 
reinforced by some prestressing system. For spans longer than 65 m seg-
mental prestressed bridges constructed according to the incremental launching 
or the cantilever balancing system were found to be a very economical engi-
neering solution. 
A wide range of cross sections are being used and although some 
basic dimension limits are set by the AASHTO Code (71) the different struc-
tural requirements as well as aesthetic considerations make it difficult to 
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generalize cross section layout. However, the thermal curvature response 
showed definite similarities for different structures with the same section 
depth. The response of 18 existing box girder bridges were computed using 
the thenna1 analysis program. Provision was made for the fact that tempera-
tures in the slab above the air cavity are a few degrees higher than those at 
the same height in the web sections and that the temperature gradient in the 
slab is also smaller. 
The cross sections of existing box girder bridges from several 
countries were used in this analysis (Table 6.3). For each of the bridges 
only the most typical section was considered. The thermal curvatures for 
the 18 bridges computed from the temperature distributions expected at sta-
tions 6 and 15 are shown in Figs. 6.6 and 6.7. The relatively small scatter 
of points made it possible to represent the respective curves with a third 
order polynomial. The presentation of the data points by polynomials can 
be improved slightly by dividing the depth range into two sets, 1 m - 2.5 m 
and 2.5 m and above, for two individual sets of equations. 
follows: 
Station 6 
The different curvature and resi~~al stress polynomials are as 
(Curvature Rad/m x 106) 
(Stresses in MPa) 
Unsurfaced 
374 - 358 d + 130 d2 - 16.2 d3 
- 1.3 + 0.074 d 
50 mm Blacktop 
¢T = 307 287 d + 103 d2 - 12.8 d3 
fr = - 1.2 + 0.045 d 
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100 mm B1 acktop 
~T = 198 - 184 d + 66.4 d2 - 8.2 d3 
fr = - 0.92 + 0.015 d 
Station 15 
Unsurfaced 
~T = 638 - 585 d.+ 208 d2 - 25.4 d3 
fr = -2.1 +0.18d. 
50 mm Blacktop 
~T = 522 - 455 h + 157 d2 ~ 18.8 d3 
fr = - 2.0 + 0.12 d 
100 mn Blacktop 
~T = 347 - 294 h + 100 d2 - 11.9 d3 
J 
fr = - 1.6 + 0.09 d 
The analysis of bridge structures for thermal loadings is appre-
ciably simplified by the use of the curvature-depth and the residual stress-
depth relationships. If the magnitude of thermal stresses or the size of the 
project warrants more in-depth heat flow analyses, the equations would give 
acceptable accuracy for preliminary design purposes. A comparison of the 
results from heat flow analyses and curvature and residual stress equations 
are further discussed in connection with a specific bridge in Section 6.6. 
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6.5 Critical Locations for Thermal Loading in Bridge Structures 
As seen in Chapter 5 the typical thermal stress distribution is 
characterized by high compression over a relatively small portion of the top 
of the section. Tension is induced in 'the soffit as well as the bulk of the 
section. The critical load combinations are likely to be those that result 
in high compression stresses at the top of the section, and high tension at 
the soffit. 
High compression is not very important even if codified maxima are 
exceeded. Since thermal stresses are strain induced and ultimate strain 
levels are high compared to the design strain distress due to thermally 
induced compression is not anticipated. The drop in compression stresses are 
also large with increasing depth. The tension portion of the thermal stress 
distribution has a relatively small gradient which in combination with the 
other loadings can result in distress at or near the soffit. 
The critical position for a continuous two span bridge is near the 
center support and for a multispan bridge there are critical sections at the 
centers of the interior spans. In a two-span continuous bridge net tension 
due to thermal loading at the bottom fiber can only occur when a post-
tensioning system ;s used. If the prestress after transfer overbalances the 
dead load the additional effect of thermal loading may cause cracking. Over-
balancing is quite common in bridges with relatively short spans. Post-
tensioning is normally done when the concrete has not yet reached its maximum 
tension capacity so that distress may occur at an early stagee Since the 
prestressing is near the top fiber at the support the tendons give little 
assistance in crack control. 
Research done in Germany (39) showed that T-beams are at greater 
risk for cracking than box girders due to the fact that its neutral axis lies 
comparatively higher. A relatively small positive momen~ at the support can 
cause a large tension at the bottom fiber. If the tendons are placed at a 
two large vertical curve radius due to regulations, tension is caused within 
the range of the total section depth from the interior column. As a rule high 
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bearing compression is used at the intermediate support. This induces further 
extreme fiber tensile stresses in the longitudinal direction. 
In the case of bridges with more than two spans distress due to 
temperature effects is only likely when in combination with full structural 
loading. Tension can occur at the soffit near the center of interior spans. 
The moment gradient over the midspan region is small so that the spread of 
thermally induced cracking can be expected to be sfgnificant. However, due 
to the fact that the tendon profile is near the soffit in this zone, it will 
assist in crack control. The upper surface has normally been covered with a 
bitumen layer at the time of full loading, which will reduce the intensity of 
the thermal loading. 
In the case of two-span continuous prismatic bridges the magnitude 
of the temperature continuity moment is 1.5 times that of the fully restrained 
flexural1y moment. The change of the maximum continuity moment as a function 
of the center to end span ratio of a three-span bridge is shown in Fig. 6.8. 
The bridge section is prismatic and equal lengths for the two end spans were 
taken. The limits are illustrated, as ~ two-span bridge remains when the 
interior span vanishes, and a fixed-end beam remains when the end spans reach 
zero length. The ratio of the interior span positive moment and support 
negative moment when a uniformly distributed load is applied on the same 
structure is also shown. 
The maximum unit continuity moment decreases rapidly from the 1.5 
value with an increase in the center to end span ratio. With equal span 
lengths the cent~r span continuity moment is only 1.2 times that of the 
fully flexurally restrained section. 
Apart from prestressing the dominating loading condition in the 
bridge superstructure is supplied by the dead load. The magnitude of the 
negative support moment will always be larger than the midspan positive moment 
in prismatic beam section bridges. If a continuous post-tensioning system is 
used as reinforcement, thermal loading should pose no problem at any of the 
midspans. 
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It is, however, quite common to thicken the bottom flanges in the 
proximity of the interior support to increase the section moduli and the 
available compression area. This, in turn, also increases the efficiency 
of prestressing because the neutral axis lies lower. The increase of the 
section area at the supports results in a decrease of the positive to nega-
tive moment ratio to values lower than those shown in Fig. 6.8. When the 
bridge is slightly nonprismatic n~ar the supports the midspan stress condi-
tion could only become the governing design condition when the span ratios 
are above 1.8. The ratio of the live load positive to negative moment mag-
nitudes is normally about 10 percent higher than the dead load moment ratio. 
If the design stresses at midspan are not at or near their limiting value 
initial tension is not likely to result from the addition of thermal loading. 
It should be noted that there is a continuous decline in the temperature con-
tinuity moment with increasing span ratios. 
For regular reinforced concrete the allowable stresses at midspan 
can be exceeded with any span configuration, depending on the amount of rein-
forcement at ert.ch individual section. Since there is no precompression 
flexural cracks exist which can spread due to the addition of thermal load-
ing if there is a local insufficiency in reinforcement. 
For more than three spans the maximum continuity moment decreases 
rapidly with an increase in the number of spans. The continuity moments at 
the interior midspans of a four-span prismatic section bridge range between 
1.00 and 1.25 (with ¢T' Ec' Ll = 1). For equal spans a value of 1.07 times 
the fully flexura11y restrained moment is obtained. Prestressed bridge 
structures with more than three spans are usually constructed in phases or 
segments due to high tendon friction losses and creep and shrinkage (e.g., 
Kishwaukee River Bridge, Chapter 4), so that a wide range of positive to 
negative moment ratios is possible, and the effects of the number of spans 
and of nonprismatic sections cannot be generalized. 
In conclusion, adverse effects due to thermal loading are more 
likely to occur in two- and three-span bridges than in bridges with more 
spans. 
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bearing compression is used at the intermediate support. This induces further 
extreme fiber tensile stresses in the longitudinal direction. 
In the case of bridges with more than two spans distress due to 
temperature effects is only likely when in combination with full structural 
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interior span vanishes, and a fixed-end beam remains when the end spans reach 
zero length. The ratio of the interior span positive moment and support 
negative moment when a uniformly distributed load is applied on the same 
structure is also shown. 
The maximum unit continuity moment decreases rapidly from the 1.5 
value with an increase in the center to end span ratio. With equal span 
lengths the center span continuity moment is only 1.2 times that of the 
fully flexurally restrained section. 
Apart from prestressing the dominating loading condition in the 
bridge superstructure is supplied by the dead load. The magnitude of the 
negative support moment will always be larger than the midspan positive moment 
in prismatic beam section bridges. If a continuous post-tensioning system is 
used as reinforcement, thermal loading should pose no problem at any of the 
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proximity of the interior support to increase the section moduli and the 
available compression area. This, in turn, also increases the efficiency 
of prestressing because the neutral axis lies lower. The increase of the 
section are~ at the supports results iri a decrease of the positive to nega-
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are above 1.8. The ratio of the live load positive to negative moment mag-
nitudes is normally about 10 percent higher than the dead load moment ratio. 
If the design stresses at midspan are not at or near their limiting value 
initial tension is not likely to result from the addition of thermal loading. 
It should be noted that there is a continuous decline ;n the temperature con-
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can be exceeded with any span configuration, depending on the amount of rein-
forcement at e~.ch individual section. Since. there is no precompression 
flexural cracks exist which can spread due to the addition of thermal load-
ing if there is a local insufficiency in reinforcement. 
For more than three spans the maximum continuity moment decreases 
rapidly with an increase in the number of spans. The continuity moments at 
the interior midspans of a four-span prismatic section bridge range between 
1.00 and 1.25 (with ¢T' Ec' Ll = 1). For equal spans a value of 1.07 times 
the fully flexurally restrained moment is obtained. Prestressed bridge 
structures with more than three spans are usually constructed in phases or 
segments due to high tendon friction losses and creep and shrinkage (e.g., 
Kishwaukee River Bridge, Chapter 4), so that a wide range of positive to 
negative moment ratios is possible, and the effects of the number of spans 
and of nonprismatic sections cannot be generalized. 
In conclusion, adverse effects due to thermal loading are more 
likely to occur in two- and three-span bridges than in bridges with more 
spans. 
105 
6.6 Example of Bridge Analysis 
Thermal loading is never the single effect on a bridge superstruc-
ture, but always acts in combination with other design loads. If bridge 
distress is caused primarily by thermal effects it is usually the result of 
a combination of different adverse conditions. The analysis of the existing 
bridge B1131 (Table 6.3) is used as an example to illustrate the importance 
of thermal loadings in relation to other bridge loadings. This bridge is a 
suitable example because of the possi.bility of adverse temperature effects 
under specific circumstances~ 
The bridge has a three-span continuous prestressed post-tensioned 
superstructure. The spans exist of two 28.5 m end spans and a 63 m center 
span. The interior span crosses two separate roadways. The bridge section 
is mainly prismatic, but there is a.thi~kening of the flanges at the end 
supports and a gradual thickening of flanges and haunching of the section 
towards the interior supports. The general layout and a typical cross section 
are shown in Figs. 6.9 and 6.10 respectively. 
6.6.1 Loadings 
A concrete density of 2480 kg/m3 and an additional dead load of 
5000 kg/m, applied after transfer of post-tensioning tendons were assumed 
in the analysis. The structure was designed for four lane traffic. The 
AASHTO Code (71) specifies the combined live load due to improbable coinci-
dent maximum loading as 75 percent of the maximum live load for four lanes. 
The bridge cable profile which consists of several continuous parabolas was 
used in the prestressing analysis, and is shown in Fig. 6.11. 
6.6.2 Dead and Live Load Moments 
The influence line program describe the Appendix C was used to 
compute the original and final dead load moments as well as the live load 
moment envelope. The MS18 loading specified in the AASHTO Code was used for 
the live loading. 
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6.6.3 Reinforcement 
The primary reinforcement is the prestressing tendons which follow 
the cable profile shown in Fig. 6.11. Overstress followed by partial release 
and anchor slip at transfer was assumed to affect the prestressing forces for 
a distance of up to 0.45 of the end span length from the anchor. The tendons 
were post-tensioned from both ends. 
The general multispan bridge program described in Appendix 0 was 
used for the stress analysis of the bridge. The AASHTO Code (71) allows for 
a tension of 0.5 ~ in the precompressed tensile zone, where f~ is the con-
crete compressive strength, and specifies the minimum concrete strength as 
35 MPa. The bridge analysis program was used to determine the magnitude of 
maximum service-load compression in the structure. The results. indicated 
that the minimum codified concrete strength was adequate for this structure. 
The creep and shrinkage recommendations of the AASHTO Code were used 
to determine the concrete-related losses in the bridge. In bonded structures 
the creep losses change over the length of' the structure as a function of the 
concrete stresses after transfer. The general prestressed bridge program was 
used to calculate the required final prestressing force. This is determined 
by the maximum tension allowed in the completed structure after all losses 
have taken place. Two conditions were considered~ i.e., with and without 
allowance for tension after losses. 
It is an accepted practice to consider the cross section as a unit 
although stresses are not uniformly distributed transversely across the sec-
tion at each level. Stresses are in reality higher around the webs due to 
the shear-lag effects. This simplification is incoroorated in the stress 
analysis program. 
6.6.4 Bending Moments and Stresses 
The original and final dead load moments as well as the prestressing 
moments before and after losses are shown in Fig. 6.12. No tension was 
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allowed in the bridge structure under consideration. The difference in the 
dead load moments is attributed to the additional permanent loading which 
was applied after the transfer of the tendons. 
The dead load and prestressing moments are similar in shape, but 
opposite in sign. However, in the proximity of the supports the prestressing 
moments are more strongly influenced by the nonprismatic segments than are 
the dead load moments. Although the cable profile is parabolic relative to 
the bridge deck, the eccentricities and section inertias increase substan-
tially in this region, which, in turn, results in an increase in the primary 
prestressing moments. This factor is evident in the illustration of the 
distribution of combined moments through the structure (Fig. 6.13). There is 
an order of magnitude difference between the combined moments and the indi-
vidual dead and prestressing moments. Despite the erratic shape of the com-
bined dead load and prestressing moment diagram these moments are not as 
important as the total stress combination, because the prevention of cracking 
is also accommodated by the axial compression supplied by prestressing. A 
comparison between the live load moment envelope (Fig. 6.13) and the final 
dead load moment diagram (Fig. 6.12) shows that dead load dominates the 
gravity loadings. The dead load moments are six to seven times larger than 
the live load moments. 
Diagrams of the maximum temperature continuity moments expected for 
this bridge with different top surface conditions when it is subjected to 
weather data from Station 6 and 15 are shown in Fig. 6.14. Substantially 
higher temperature moments were obtained at Station 15. A larger seoaration 
between the curves representing the unsurfaced bridge and that with a 50 mm 
blacktop will be obtained when the temperature distribution curves which give 
the largest thermal curvature are used instead of those with a maximum tempera-
ture difference. The increase in continuity moments in the unsurfaced struc-
ture could be as much as six percent, but the increase will be smaller in 
the other cases. 
It is evident that the maximum live load moments (Fig. 6.14) are 
largely overshadowed by the temperature continuity moments induced at 
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Station 15, but that they are comparable 'in magnitude at Station 6. The 
importance of total thermal loading relative to the maximum live load must 
be evaluated by a comparison of the respective stresses. 
The extreme top and bottom f1ber stresses associated with the unsur-
faced condition at Station 15 are shown in Figs. '6.15 and 6.16, respectively. 
At the top fiber all the stresses are compression. The magnitude of combined 
dead load, maximum live load and prestress is the smallest at the interior 
supports. However, without considering thermal loading this compression is 
still enough to accommodate an increase .of 180 percent in the current live 
loading. The relatively small compression at the supports becomes v.ery impor-
tant when a negative thermal loading is applied, i.e., the nonlinear tempera-
ture distribution due to uneven cooling during cold winter nights. Although 
crack formation could be substantial in the top fibers of superstructures, 
none have been reported. 
The bottom fiber stress diagram in Fig. 6.16 shows that the combina-
tion of dead load, maximum live load and prestress reaches an algebraic maxi-
mum value of zero at the center of the int~rior span. In contrast to the 
situation at the top fiber, the net temperature stresses are tension. 
The distribution of the combination of all the stresses through 
the structure was determined by using the maximum a,nd minimum live load 
moment distributions, respectively (Figs. 6.17 and 6.18). The distribution 
obtained with maximum live load incorporates the most critical effects of 
temperature and live loadings. In order to reach tension at midspan 75 
percent of the full four lane live load has to be applied over the full 
length of only the interior span between 1400 and 1600 hours on a hot cloud-
less summer day. Probabilistical1y the chance of this full loading case is 
small, but if it does occur tension at the bottom fiber can be expected over 
40 percent of the length of the interior span. The distribution obtained 
with the algebraic minimum live load stresses (Fig. 6.18) indicates that 
there will be no tension at the internal span when the full live load is 
applied on the two end spans in the same weather conditions that caused ten-
sion in the extreme situation discussed above. A live load distribution 
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within the envelope shown in Fig. 6.13 can therefore cause tension between 0 
and 2 MPa at the ~enter of the internal span under these weather conditions. 
If advantage is taken of the allowable tension of O.S ~ i:e~, 
2.95 MPa, the maximum prestressing !orce is reduced from 76730 kN to 58740 kN, 
which is a reduction of 23 percent. (No temperature effects were taken into 
account in these calculations.) However, when the tension caused by tempera-
ture effects are added, tension can occur over S7 percent of the interior span 
length (Fig. 6.19). If cracking is ignored the calculated maximum tension is 
4.9 MPa, which is significantly higher than the specified modulus of rupture 
of 3.7 MPa. 
The extent of cracking· that might occur with excessive thermal 
loadings is largely dependent on the reliability of the codified value of 
concrete cracking strength. Rusch (40) analyzed the results· of several 
tensile strength tests which were done on concrete specimens in Germany. It 
was found that the specified tension was exceeded significantly in the lower 
five percent specimen fractile. The bending tension in structures is usually 
1.0 to 1.3 times higher than the value of axial tension determined by specimen 
tests. 
6.6.5 Live Load and Thermal Stresses 
Although the thermal continuity stresses are significantly larger 
than maximum live load stress at the center of the structure when subjected 
to the weather conditions at Station 15, residual stresses reduce the net 
tension at the bottom fiber. The cross section at the center of the interior 
span was used to illustrate the distribution of live load stresses (Fig. 
6.20(a)) and total thermal stresses which will be induced at stations 6 and 
lS depending on the top surface condition of the bridge (Fig. 6.20(b-d)). The 
tension which is induced by the maximum live load moment at the bottom fiber 
is comparable in magnitude to the tension for the structure with a SO mm 
blacktop at Station lS. The tension at the bottom of the unsurfaced struc-
ture at station 15 is equivalent to that which would have been caused by a 
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linear temperature distribution varying from 10.5°C at the top of the deck 
to O°C at soffit of the superstructure. The German DIN 1072 (76) thermal 
load specification is based on a similar linear temperature distribution 
which varies from 5°C at the deck to O°C at the soffit. 
Although the maximum tension for the thermal loading does not 
occur at the bridge soffit, the combination of all service stresses cause 
maximum tension at the bridge soffit. Due to the fact that the primary 
reinforcement of the bridge is located close to the soffit, crack formation 
will be confined and the vertical growth of cracks will be restricted. 
6.6.6 Comparison of Thermal Stress. Computations 
The thermal stresses of Bridge Bl131 were computed using the 
thermal analysis program (Appendix E). However, thermal stresses can also 
be approximated according to the curvature and residual stress equations 
which were derived in Section 6.4.3. The accuracy of these approximations 
will be tested in this section. 
The corresponding curvatures and bottom fiber residual stresses, 
as well as the total thermal stresses at the bottom fiber as calculated with 
the thermal analysis program and the derived equations, respectively, are 
compared' in Table 6.4. For design purposes the equations give a very good 
approximation of tension induced by the thermal loadings. The data points 
representing bridge Bl13l in Figs. 6.6 and 6.7 lie relatively far away from 
the curves so that even better accuracy can be expected for other bridges. 
The equations will give a slight underestimation of the thermal curvatures 
for the sections near the bridge pier where the bottom flange is normally 
thickened and/or haunced. These types of sections are atypical and their 
neutral axes are uncommonly low in the section. Structures which are largely 
prismatic contain only a few sections at which thermal curvatures will be 
underestimated, which, in turn, will have a.minimal influence on the calculated 
stress at midspan. 
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6.7 Transverse Heat Flow 
In the study of the thermal behavior of structures subjected to 
solar radiation the primary emphasis is put on heat flux normal to its upper 
horizontal surface. However, a significant increase in temperature may be 
experienced due to high radiation normal to vertical surfaces. The solar 
radiation intensities which can occur on horizontal' as well as different 
vertical surfaces are shown in Fig. 6.21 in the solar time scale. The graphs 
, combine the direct beam and diffuse solar radiation for the cloudless day 
exposure of a vertical structure at Station 15. The values of the curves 
were computed by using the theoretical method discussed in Appendix J. 
High radiation on vertical surfaces facing east and west, respec-
tively, can occur in the early morning or the late afternoon'so that a sub-
stantial increase in the surface temperature of the bridge webs is possible 
for north-south aligned bridges. Although it is difficult to generalize 
trends for all geographic locations the highest maximum temperature differ-
ences are expected for east-facing vertical structural elements. Wind speeds 
are usually relatively low in the mornings so that less cooling due to forced 
convection is expected for such structures. As illustrated the instantaneous 
solar radiation normal to the east vertical face is a maximum between 700 
and 800 hours solar time during the summer solstice. 
The instantaneous radiation diagram was used to determine the 
hourly solar radiation on a vertical solid concrete wall of 2 m thickness 
which faces east. The west side is exposed to ambient air. These radiation 
values were combined with the weather data of Station 15 for the thermal 
analysis of this structure. The concrete thennal properties and the surface 
heat transfer coefficients used for the vertical heat analysis of Chapter 5 
were employed. Very few published empirical values are available for the 
consideration of direct solar radiation on the side faces of webs. Emerson 
(52) reports a heat transfer value of 2 W/m2.oC for the shaded side faces of 
webs which experienced only forced convection on the surface. This value is 
about 25 percent of that which was obtained for the soffit of concrete bridge 
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structures. This value was, however, considered too low when direct insola-
tion occurs on the webs. The same heat transfer values, dependent on the 
wind speed, that applies for the upper horizontal surface were used for this 
analysis. It is necessary that a value which would apply for vertical ser-
vices with direct insolation has to be determined experimentally. 
The computed temperature distributions of the east-west facing and 
horizontal surfaces at the time of maximum temperature distribution in the 
horizontal and vertical directions, respectively, are compared in Fig. 6.22. 
(There is a time lag of 5 hours. between these situations.) This temperature 
distribution in the horizontal direction is comparable in shape and magni-
tude to the vertical maximum temperature distribution derived for an unsur-
faced structure at Station 6 (Fig. 5.21). A thermal loading in the transverse 
direction of about 50 percent of that in the vertical direction is possible 
at Station 15. The precondition for this .thermal loading to occur is the 
unobstructed exposure of the east facing structural elements to direct solar 
radiation. 
The extent to which the webs of ·a·bridge superstructure would 
experience direct insolation is, apart from bridge alignment, also dependent 
on the length of the cantilever slab. The sun incidence angles calculated 
according to the method described in Appendix J can be used to estimate the 
intensity of direct sunlight on the webs. The values of two incidence 
angles, namely the altitude angle, S, and the azimuth angle, y, were calculated 
for solar hours between 500 and 1200 hours at Station 15. The angles are 
illustrated and their values listed in Table 6.5. The vertical web dimen-
sion which is shaded by the cantilever slab can be derived as Hl = 
C tan Sicos (90 0 - y) where, C = Cantilever slab length. Vertical segments 
facing other directions can be analyzed in a similar way. 
The actual solar radiation exposure that the east facing web of 
bridge 81131 would experience if it were located near Station 15 and aligned 
north-south is given in Table 6.5. The web will only receive direct sunlight 
between sunrise and 800 hours. The intensity of instantaneous radiation at 
700 hours is 96 percent of the maximum possible on a vertical face, but only 
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the bottom 10 percent of the web will 'receive direct beam radiation. A 
structure with no or small cantilevers could experience the maximum intensity 
of direct solar radiation at 800 hours. Although diffuse solar radiation is 
always present during the daylight hours it will not cause any substantial 
heat flux into the structure from the side. 
It is expected that unless the cantilever slab is very short, e.g., 
1 m or less, the overall temperature increase experienced by east/west facing 
webs due to direct solar radiation will be less than 3 or 4°C. The region 
near the soffit of the super~tructure will experience the largest temperature 
increase. A similar study for the hypothetical case when bridge 81131 is 
aligned east-west with webs facing south at Station 15 revealed that the webs 
would not experience any direct insolation. 
Due to the fact that there is a time lag of 4 to 7' hours between 
the occurrence of the maximum temperature differences in the horizontal and 
vertical directions, respectively, the combined thermal response is less 
severe than if it would occur simultaneously, even if the web is totally 
exposed. If substantial heat flow does' take place in the horizontal direc-
tion the analysis can be simplified by the decoupling of computations for 
heat flow in the orthogonal directions. The individual predicted responses 
can then be superimposed. In most cases, however, the horizontal heat flow 
is negligible. 
6.8 Transverse Response Due to Vertical Heat Flow 
In the case of a vertical temperature gradient through a box girder 
section large temperature differences can exist between the section deck slab 
and the soffit. Cracks may occur in various components of the section if 
sufficient secondary reinforcement is not supplied. Due to the hogging of 
the bos girder in the transverse direction substantial redistribution of bear-
ing forces may take place if more than two bearings are used at a particular 
pier. 
The thickness of the top flange of box girder bridges is normally 
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in the order of 0.25 m and a linear nonzero temperature gradient can be as-
sumed in the analysis of the box girder section in the transverse direction. 
Both a hogging curvature and longitudinal elongation are induced in the unre-
strained case. However, these displacements are restrained by the web and 
bottom flanges to cause induced thermal stresses in the structural components 
of the box girder. A structural analysis in the transverse direction can 
easily be done with any general purpose frame program.' Examples of similar 
cases were discussed by Priestley (27). 
On the basis of observed crack damage in structures in Germany (39), 
sections of box girder structures with different relative stiffnesses which 
are particularly liable to cracking.are shown in Fig. 6.23. The top of the 
deck slab and the web will be at risk if the soffit slab is thin. Alterna-
tively if the soffit slab is thick the bottom of the web will be at risk. If 
the bottom flange is thick additional tension is caused in the webs, because 
the weight of the bottom flange is basically suspended from the webs. Com-
pared to thin webs the risk of cracking is higher for thick webs. In this 
context thick webs are at greater risk, than thin webs, because they are 
more resistant to the deformations of slabs due to temperature changes. The 
particular cracking danger which is present when a thin structural element is 
connected to a thick one is also illustrated in Fig. 6.24. Particular crack-
ing problems can be developed in this case due to heat of hydration, but 
even in older structures the thin components change temperature faster than 
thick ones. It should be noted, however, that cracking will decrease the 
thermal moments in the transverse direction significantly. 
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CHAPTER 7 
DISCUSSION 
7.1 Superstructure Cracking 
In large load-bearing structures such as ·bridges fine hairline 
cracks in the concrete are practically unavoidable. When crackwidths remain 
less than 0.2 mm they would normally not be discovered and would pose no 
serviceability problems. Research on the effect of fine hairline :cracks on 
the corrosion of prestressing steel or steel reinforcement has shown that 
crackwidths of 0.3 to 0.4 mm are harmless if the conditions for corrosion 
protection are met (103). Damage can be considered serious when cracks 
exceeding 0.3 mm in width occur and when they start conveying the impression 
of incipient destruction. Serious cracks may also indicate that insufffcie~t 
reinforcement has been provided. 
The goal of absence of cracks· in bridges is not attained by com-
pliance to the specifications limiting the tension caused by loads, because 
most cracks in prestressed concrete bridges are caused by natural and con-
strained stresses and not by load stresses (39). A crack free state can be 
approached, however, by the anticipation of inevitable differences in temper-
ature through the bridge structure and the provision of reinforcement to 
limit the crack formation that will be caused. 
It is quite common that cracking is caused by the uneven distri-
bution of temperatures in the few days after the placing of concrete because 
of too rapid cooling at the surface of a concrete batch which is heated due 
to hydration. The structure is not able to cope with the tension which de-
velops because the concrete tensile strength is too low at such an early 
stage. In this condition adequate reinforcement for serviceability is of 
little use, because the bond strength is still too low to allow the rein-
forcement to act and prevent the cracks from widening. The natural stresses 
caused by the heat of hydration can also lead to microfissures in the inner 
texture of the concrete which in turn reduces the tensile strength. 
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Crack formation due to heat of 'hydration must be viewed as a 
construction rather than a design problem and if not properly controlled 
would impair the expected behavior of the structure. In order to keep struc-
tures largely crack free, everything possible in terms of concrete technology 
must be done to restrict natural and constrained stresses. It is especially 
important to obtain high early strength in the curing stage of the structure. 
The requirement of complete absence of cracks in bridges is not 
justified because it can only lead to considerable design difficulties in 
the arrangement of tendons and will increase the bridge cost substantially. 
It will not increase long-term stability and is not necessary for service-
ability. 
Temperature loadings are of a temporary but recurring nature. If 
the cracks caused by excessive temperature loadings that do not occur often 
are within serviceability limits they may heal if the air humidity is high 
and no tangential displacement takes place. This selfinduced healing results 
from the hydration of unhydrated cement and may also be aided by carbonation 
(85). Younger concrete, i.e., concrete which contains more unhydrated cement, 
is capable of a higher regain of strength. Healing without the loss of 
strength has been observed at ages up to three years (85). The application 
of pressure will further assist the healing process. 
It should be stressed, however, that healing is only possible with 
fine cracks. If the effects of a nonuniform temperature distribution are 
ignored in design, as is commonplace, extensive crack formation due to the 
combination of temperature and other loads, can be detrimental to the be-
havior of the structure. 
7.2 Variation of Temperature Distribution with Location 
Depending on the location of a bridge in the continental USA, a 
wide range of temperature effects in the structure can be expected as was 
evident in Chapter 5. The largest computed temperature differences through 
structures were obtained for inland areas in southwestern states. The 
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smallest values of maximum temperature differences were obtained for the 
maritime climate along the Gulf Coast and Atlantic Ocean (Figs. 5.16- 5.18). 
The maximum temperature differences will generally be less in flat 
areas than in more mountainous regions. A bridge crossing a river can be 
expected to experience a larger temperature range in the daily cycle than a 
bridge in a town. Air pollution in cities will reduce the insolation and 
also cause smaller temperature differences in bridges. On the other hand, 
a combination of higher live load incidence and the aggressive influences 
of snow, salt and pollution, which encourage carbonation of the surface layer 
of concrete and thereby reduce alkaline protection put bridges in cities in 
an equally bad or even worse position to experience permanent adverse effects 
than those in the urban areas. Unsightly cracking will also be much more 
noticeable in built-up areas. 
7.3 The AASHTO Code (71) 
Apart from the Code specification which requires that prOV1Slon 
should be made for the movement of structural members caused by overall 
temperature changes the effects by nonlinear temperature distribution are 
not addressed. It is important that both the nonuniform weather-induced 
temperature distribution in bridge structures and the variation in the mag-
nitude of this distribution with location through the country should be 
recognized by the AASHTO Code. The AASHTO Code already specifies the range 
in possible excitation of structures due to earthquakes and other codes such 
as the American National Standard Building Code (72) specify wind loading in 
different Darts of the country which have to be considered in design. 
Specifications of realistic temperature distributions should be incorporated 
which also recognize the effect of bridge depth and bituminous surfacing in 
attenuating peak temperature and other weather influences. 
The Bridge Committee of the ASCE (75) recommended the incorporation 
of specifications of nonlinear temperature effects in a new code. An allow-
ance for a maximum surface temperature of l2.5°C decreasing bilinearly 
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to zero just below the cross section mid~depth was recommended (Fig. 1.1). 
The curve is primarily directed towards concrete slab and girder design. 
Results obtained overseas and in this study indicate that this temperature 
distribution would underestimate extreme temperature distributions, especially 
if the bridge deck is unsurfaced. 
The computations of maximum temperature differences expected in 
structures of 1.2 m and deeper resulted in values of 32, 26 and 18°C for 
unsurfaced, 50 mm blacktop and 100 mm blacktop conditions, respectively 
(Chapter 5). These results were computed for the extreme conditions which 
can exist in the southwestern part of the country. In the maritime climate 
of the Gulf Coast and Atlantic Ocean maximum temperature differences of at 
least 21, 15 and 12°C, respectively, for a structure with the same surfacing 
conditions as above can be obtained. 
The computed temperature dis~ributions for the cases mentioned above 
can be approximated by multilinear curves as shown in Table 5.12. In compari-
son with these curves the distribution suggested by the Bridge Committee (75) 
would still lead to an underestimation of bridge thermal response. No spe-
cific recommendation was given regarding the kind of temperature distribu-
tion that can be expected in box girder bridges. 
The difference in cross section layout of T-section and box girder 
bridges requires a distinction in the recommended temperature differences to 
be designed for. Box girders have massive thermal inertias and the tempera-
ture of the air cavity does not change substantially through the daily heating 
and cooling cycle. Heat stored inside the cavity delays cooling of the out-
side surfaces. In the case of T-beam bridges all surfaces are exposed and 
forced convection can take place over all the surfaces. The girders act as 
cooling fins. The relatively thin structural elements are much more respon-
sive to temperature variations. Smaller maximum temperature differences may 
therefore be induced in T-beam cross sections so that a 25 percent reduction 
in the temperature distributions of box girder bridges is recommended to 
allow for the lower heat storing capacity of T-beam bridges. 
The maximum temperature distribution curves were computed from 
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extreme weather data obtained from the Typical Meteorological Year data of 
26 solar radiation stations (Chapter 5). The computed extreme temperature 
distributions are likely to occur at least once ever.Y five years. If it is 
required to determine extreme temperature effects expected to occur once 
every 100 years, a temperature load' factor of 1.2 to 1.3 is statistically 
acceptable (39). 
The AASHTO Code deals with the probability of simultaneous occur-
rence of the maximum live load on all traffic lanes. The probability of the 
maximum thermal loading in combination with dead loads and prestressing should 
be taken as 1.0. It is unlikely, however, that the maximum live and thermal 
loads will occur simultaneously., Future research will have to use a prob-
abilistic approach to determine the percentage combined loading, i.e., dead 
load, prestress, live and thermal load, a bridge structure has to be designed 
for. 
Structures with cantilever slabs of less than 1 m which are aligned 
in the north-south direction have east or west facing structural elements 
that can experience a substantial increas'e in temperature due to direct solar 
radiation. The computed tempera~ure distributions of the east or west facing 
and horizontal surfaces at the times of maximum temperature distribution in 
the horizontal and vertical directions, respectively, are compared in Fig. 
6.22. Under favorable circumstances a maximum temperature difference of 20°C 
can be induced in the horizontal direction compared to 32°C in the vertical 
direction. The response induced in the transverse direction can be as much 
as 50% of that induced in the vertical direction. 
The AASHTO Code can therefore be expanded successfully by the 
inclusion of specified temperature distributions according to location, type 
of cross section, surface condition and bridge alignment. 
7.4 Relative Importance of Thermal Effects 
Most of the serious crack damage to bridges has so far been attrib-
uted to natural or constrained stresses as a result of temperature effects. 
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These stresses tend to occur at unexpected locations where the reinforcement 
is correspondingly weak. The shrinkage of concrete is generally overrated 
as a cause of cracking, because in comparison with thermal stresses it plays 
a secondary role (39). Only differential shrinkage can be regarded as criti-
cal for crack formation. The fact that shrinkage-induced stresses are usually 
between 10 and 30 percent of those caused by temperature effects was confirmed 
in the study of Kishwaukee River Bridge (Chapter 4) and Bridge Bl131 (Chapter 
6). 
7.5 Thermal Response of Bridges 
The computation of expected bridge temperature responses can be 
very cumbersome especially in the design of bridges with very complex cross 
sections. The temperature distributions of bridges relatively similar to 
each other may also differ substantially d~e to large differences in exposure 
to the weather. It is possible, however, to estimate the influence of 
change in insolation, temperature variation or wind speed on the maximum 
temperature difference of a bridge by using the expressions developed from 
the sensitivity analyses (Section 5.7). An increase in wind speed or sus-
tained cloudy skies may moderate the bridge thermal response substantially. 
The equations for the estimation of the thermal response of bridges 
with solid rectangular sections, T-beam sections or box girder sections are 
discussed ·in Section 6.4. For the individual sections the thermal curvature 
and residual stresses can be determined as a function of the section depth. 
The determination of thermal stresses are simplified considerably by the use 
of these thermal response equations and they lead to the easy identification 
of critical sections as far as the thermal response is concerned. 
7.6 Regions with High Cracking Risk 
There is a risk of cracking in the bottom fibers of spans next to 
the intermediate columns of a bridge even when the columns settle evenly. In 
comparison with all other possible span configurations, the risk is the largest 
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for two-span bridges partly because they have the largest temperature conti-
nuity moments. The period right after post-tensioning and before time-
dependent losses have taken place is of particular importance when consider-
ing the stresses near supports. The combination of full post-tension1ng, 
no live load and perhaps less than the final dead load stresses may induce 
low compression or even tension at the bottom fiber at that time. Any addi-
tional positive moments or resultant tension at the soffit can easily cause 
permanent crack damage. 
Additional bottom fiber tension can be caused by both the tendon 
over the support and the bearing ·forces. The length of the vertical curve 
of the tendons over the support ~nd the prestressing force determine the mag-
nitude of tension that is induced in the bottom fiber near the support (38, 
102). If the vertical curve of the tendons is too large substantial bottom 
fiber tension is caused in the proximity of the column. The bearing force 
further induces extreme fiber tensite stresses for a small distance in the 
same region. In the absence of live load stresses principal tensile stress 
trajectories are formed from the support .to a distance as much as the section 
depth away from the support (Fig. 7.1). 
Combined tensile stresses may easily be in the excess of 6 MPa 
(39). This can be particularly important in the early life of the structure 
because the concrete tensile strength may still be very low. The stress flow 
due to the mentioned forces can be analyzed by using a general purpose finite 
element program (38, 102). A square free body of the region from the support 
to a distance equal to the section depth away from the support will suffice 
for this purpose. The different induced stresses are illustrated diagrammati-
cally in Fig. 7.2. 
When the possibility of cracking at midspan due to the temperature 
load is considered three-span bridges are usually at the highest risk. In 
general bridges with an interior to exterior span ratio above 1.8 have a 
large ratio of maximum positive to negative moments (Section 6.5). For a 
given cross section and thermal load a comparison of all soan configurations 
indicated that the temperature continuity moment at the center of the interior 
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span of a three-span bridge is the largest relative to those at corresponding 
positions in the other cases. The induced tension at the bottom fiber when 
the thermal stresses are added to the combination of extreme stresses induced 
by other loads may be well above the concrete modulus of rupture and will 
result in a considerable spread in cracking. 
It is important to note that the linear stress diagram as well as 
the 1 inear strain diagram used in bending theory may i'n 
removed from reality if applied to box girder analyses. 
very wide top flanges the stress around the webs may be 
higher than predicted by the beam theory (39). If this 
some cases be far 
In box girders with 
30 to 50 percent 
fact is ignored in 
design it can eventually lead to overstressing and cracks in the structure. 
7.7 Inelastic Thermal Response 
7.7.1 Cracked Sections 
Theo~etical calculations of temperature-induced stresses are 
commonly based on uncracked sections for which the theory of superposition 
is still valid. For prestressed structures up to crack initiation this is a 
reasonable approach. However, once the concrete has cracked the effect of 
the thermal loading is modified. In a continuous bridge structure the in-
duced moments, including the temperature continuity moments, are dependent 
of the relative section stiffnesses of the superstructure and the support 
conditions. An approximation can be made in the analysis of this type of 
structure by the application of elastically determined thermal load combined 
with reduced stiffnesses of the members due to existing cracks. 
It is unlikely that cracking will influence the bridge temperature 
distribution because the heat flow takes place primarily in the vertical 
direction parallel to the main cracks. The basic equilibrium conditions 
used previously for uncracked sections apply in the analysis of primary 
temperature stresses. However, since concrete stresses cannot be developed 
across open cracks, the thermal stresses and free thermal curvatures are 
smaller than those pertaining to uncracked sections. The secondary or 
123 
continuity stresses are also reduced due to smaller stiffnesses of cracked 
sections. 
It was demonstrated in theoret~cal and experimental work (10, 30) 
that cracks which already exist reduce thermal tension. Additional cracking 
due to thermal loading complicates the calculation of final stresses. The 
final height or depth of the cracks as well as the stresses have to be cal-
culated iteratively. The calculations become very 'complicated and cumber-
some. Because stresses in cracked sections are reduced there appears to be 
no advantage in the consideration of cracking in the analysis of such sec-
tions. Within limits cracks serve to relieve the structure of excessive 
tension. 
In the case of prestressed bridges it is reasonable to consider 
only the crack-free state in thermal analyses and then limit the forming of 
cracks due to thermal loading with reinforcement. 
7.7.2 Effect of Creep on Thermal Response 
On days of maximum thermal response the temperature stresses build 
up for about 10 hours and the peak or near peak response is sustained for up 
to 4 hours. This peak condition lasts considerably longer than peak live 
loads. Thermally-induced stresses are directly related to the modulus of 
elasticity which may give the impression that creep will have a marked in-
fluence on the reduction of peak thermal stresses, particularly because creep 
also increases with temperature. However, the analysis of prestressed box 
girder bridges by Thurston (30) showed that the extent of stress relaxation 
due to creep is in the range of 2-5 percent. The value of the modulus of 
elasticity is not known to this accuracy so that creep effects in the thermal 
response of bridges can be ignored. 
7.8 Transverse Thermal Response 
The difference between the temperatures of the bridge deck slab and 
the soffit can induce substantial stresses in the transverse direction. This 
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is caused by the restraint on axial movem'ent and transverse hogging of the 
deck slab. Although transverse and longitudinal stresses are coupled in the 
mathematical solution of thermal response a good approximate solution for an 
uncracked structure can be obtained by decoupling the effects. The combined 
influences in the respective orthgonal 'directions are eventually obtained by 
multiplying the stresses in each direction by Poisson's ratio (23). 
The transverse response can be obtained by finite element or frame 
analysis methods. Although a finite element analysis with a fine mesh repre-
sents the actual structural behavior better than a frame analysis (especially 
joint and shear stiffnesses), the latter is less complicated and is suffi-
ciently accurate for design purposes (30). Frame analysis can be further 
simplified without the sacrifice of much accuracy by neglecting the shear 
displacements in the webs and the axial load displacements in the flanges. 
Similar to longitudinal behavior, cracking in the top flange sub-
stantially reduces thermal moments in the transverse direction. The section 
is at higher risk for cracking if thick members are joined to thin ones, e.g., 
thin top and bottom flanges with thick webs.' 
7.9 Reinforcement for Thermal Stresses 
Temperature effects on bridge structures have been demonstrated to 
be one of the primary causes of harmful cracks in prestressed concrete bridges. 
Consideration has to be given to temperature-induced stresses in the context 
of bridge safety and serviceability. It is necessary to study the range of 
possible temperature differences through cross sections and to determine the 
resultant stresses. It;s not recommended, however, to specify a limit on 
the tension caused by a combination of thermal and other loads, because 
natural constrained stresses due to differential temperatures and shrinkage 
do not adversely affect the ultimate capacity of a properly designed and 
detailed structure. 
Crack formation and nonlinear plastic deformations will reduce 
stress in the transition from serviceability to the ultimate state. The 
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significance of the thermal loading at both service load and ultimate load 
levels is shown diagramatically in Fig. 7.3 (26). The fact that temperature 
stresses are strain-induced is particularly important in the region of plastic 
load deformation. At service loads the total temperature effect can be ob-
tained by the addition of thermal defonmation 0T to the deformation induced 
by the dead and live loads (Fig. 7.3{a)). The maximum thermal load, indicated 
by the shaded area, can be of similar magnitude or .larger than the live load 
as was discussed in Chapter 6. 
Similarly, at the u1timate.load condition, the gravity load deforma-
tions can be determined by the multiplication of gravity loads by the appro-
priate load factors of (1.4 0 + ].7 L) for buildings or 1.3 [0 + 5/3 (L + I)] 
for bridges (AASHTO Code). The factored thermal deformation, vOT is then 
added to these deformations (Fig. 7.3(b)). It is clear that. the thermal 
load becomes much less significant than. at the service condition because the 
plateau in the curve is reached. The ultimate temperature moment may be 
zero for a thermal load deformation if the plastic portion prior to failure 
is horizo~tal so that a slight reduction .in ductility is the only significance 
of temperature effects at the ultimate condition. Temperature related forces 
can therefore in general be neglected in calculations pertaining to the ulti-
mate capacity of bridges. 
In the serviceability state the temperature effects have to be 
considered, particularly in relation to crack widths. Additional reinforce-
ment may be necessary at many points where due to prestressing very little 
deformed bar reinforcement is needed at the ultimate condition. This rein-
forcement has to be calculated according to crack control regulations and 
should not be determined from static forces. 
The accommodation of thermal stresses in bridges should not be 
accomplished by additional prestressing in order to keep the stresses in the 
tension zone lower than those specified by the AASHTO Code. This would create 
the problem of congestion of tendons, and the increase in compression imposed 
by prestressing would also lead to additional creep. The prevention of crack 
damage can instead by accomplished by a larger proportion of deformed bar 
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reinforcement and less prestressing. Partial post-tensioning is conducive to 
better behavior of load-bearing structures in service conditions. It also 
gives a higher failure load due to the fact that the larger quantity of de-
formed bar reinforcement compensates for the adverse effect of inadequate 
bonding of grouted tendons (39). (In pretensioned, precast structures the 
strands are often well distributed in the lower flanges, and good crack con-
trol characteristics often result. Post-tensioned members with the same 
steel area in tendon ducts can sometimes have rather poor crack control 
properties.) 
It is not advisable to restrict the tensile stresses due to thermal 
loadings, but rather to prescribe permissible crack limits, e.g., 0.2 mm for 
bridges in corrosive environments and O.3mm otherwise. 
When dealing with the risk of cracking due to heat of' hydration in 
the first few days after the placement of concrete crack formation can only 
be limited with good curing methods, e.g., the insulation of fresh concrete 
and cooling of materials for massive sections. Insulation allows for a 
gradual cooling until the concrete has acq~i~ed sufficient tensile strength, 
and starting with cooled materials reduces the rate of hydration and limits 
the maximum temperatures reached. 
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CHAPTER 8 
CONCLUSIONS AND RECOMMENDATIONS FOR FURTHER STUDY 
1. As a consequence of the relatively poor thermal conductivity of concrete 
significant temperature differences develop through the bridge superstruc-
ture. The heat flow in the vertical direction' is much larger than in the 
transverse or longitudinal directions. Equations based on linear heat 
flow in only the vertical direction were developed to determine tempera-
ture distributions through the bridge superstructure. This approximation 
was shown to be justified. , 
2. The linear heat flow computer program which was developed employs the 
finite difference method and is capable of estimating the temperature 
distribution through bridge sup~rstructures accurately. 
3. The field measurements of the change in bridge temperatures done on the 
Kishwaukee River Bridge verified the accuracy of the linear heat flow 
model. It was shown that the program is capable of the accurate model-
ing of a structure with a comparatively involved cross section. The 
program is also capable of calculating the temperatures in a multilayer 
structure such as the Kishwaukee River Bridge which consists of a 
bitumen top surface, concrete structure and air cavity. 
4. Apart from the heat flow computation, the program ,estimates the thermal 
response of any prismatic or nonprismatic multi span bridge. The thermal 
analysis program, coupled with the data from the influence line and pre-
stressed bridge programs, computes the different stress-combinations at 
l/loth points along each span and at l/lOth points through each section 
depth. It is therefore possible to generate a two-dimensional stress 
picture for all possible load combinations. 
5. Due to the wide range in the weather conditions which exists in the 
United States a range of maximum temperature differences through super-
structures were suggested to represent the likely maximum temperature 
distributions for different parts of the country. Temperature effects 
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would be the most pronounced in Nevada, New Mexico, Arizona and parts 
of Texas and California. It is clear from sensitivity analyses that the 
maximum temperature difference is very sensitive to a change in solar 
radiation intensity and wind speed. The daily variation of ambient 
temperatures have only a small influence on temperature difference in 
bridges. A large variation will increase the maximum temperature differ-
ence slightly. Sensitivity equations were developed to successfully 
estimate the maximum temperature difference for any given values of 
these three weather parameters. Multilinear temperature distribution 
curves were suggested as an approximation of the computed temperature 
distribution for structures with different surface conditions. 
6. The equations developed for thermal curvature and residual stresses 
simplify the calculation of the thermal response of bridges· substan-
tially. The use of these equation~ in thermal analyses eliminates the 
need for the calculation of temperature distributions. The thermal be-
havior of bridges with rectangular, T-beam and box girder sections was 
generalized by these equations and the· approximation was found to be 
dependable. 
7. The simplified expressions for the determination of the thermal response 
of bridges can be used for the identification of specific cases where 
bridges are at high risk of cracking. 
8. Further study is necessary to determine the percentage of each individual 
bridge loading, including thermal loading, which can realistically be 
expected to be applied simultaneously on a bridge structure. 
9. Thermal stresses are a serviceability problem and have very little 
effect on the ultimate bridge capacity. The accommodation of tension 
induced by the combination of thermal stresses with other stresses is 
more successful with the proportioning of deformed bar reinforcement to 
limit crack widths, rather than with post-tensioned reinforcement to 
prevent tension. 
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10. A substantial amount of field study is necessary to evaluate the validity 
of the theoretically predicted thermal responses of different types of 
bridges. 
11. The AASHTO Code could be expan~ed successfully by the inclusion of 
specified temperature distributions according to location, type of 
cross section, surface condition and bridge alignment. 
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TABLES' 
Table 2.1 Published Values for Temperature Differences in Bridges 
Researcher B ri dge Country Descriptiona Depth of Surfacing Tempera ture 
Structure Thickness Di fference 
[m] [nm] rOC] 
Maher (106) Western Avenue Extension UK A 1 .52 b 11 .7 
Price (67) Medway C 2.4/2.7 57 14 
Emerson (53) Adur A 1 . 1 64 17 
Coldra B 1. 14 102 13 
Mancunian A ! 1. 3 90 14 
Hal11l1ersmith A 2.0-2.7 92 15 
Medway C 2.4/2.7 57 16 
w 
Marlow-Bisham A 1. 52-4~ 15 150 13 -.r 
Maher (106) Victoria Australia A Variable b 16.7 
Bryant et ale (12)' Bell Street A 1.8 38 19.4 
Bryant et ale (12) Newmarket Viaduct New Zealand A 2.4 38 17.2 
Wood (31) Grafton Gully A 1.8 38 24.6 
Bowen Street A 1.68 38 22.3 
Lower Shotover River A 1 .3 40 22 
Thorndon B 2.3 38 17.5 
Priestley et ale (32) Bowen Street A 1.68 38 25-30 
Hoffman et ale (62) University Park, PA USA A 1.68 0 28.3 
a Bridge description: A = continuous box-girder 
B = I-beam and slab 
C = 2.4 m Box girder changing to 2.7 m I-beams 
b Not specified 
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Tab 1 e 4. 1 
Material Properties for Analytical Computations 
of the Kishwaukee River Bridge 
Property Material 
Bitumen Black Top Concrete 
Density [kg/m3] 2240 2420 
Speci fi c Heat [J/kg·oC] 838 922 
Conductivity [w/m~oCJ 0.744 1.384 
Modules of Elasticity [GPa] 30.68 
Thermal expansion [x 106/ oC] 10.80 
Surface heat transfer on top of deck: 
h = 13.5 + 3.88 v [W/m2.oC] 
where v = air velocity [m/s] 
Surface heat transfer below deck = 45% of above deck value 
1000 kg/m3 = 62.43 lb/ft3 
1000 J/kg·oC = 0.239 Btu/lb-oF 
W/m-oC = 6.93 Btu.in./h-ft2.oF 
GPA = 145 ksi 
loe = i.8 of 
Air 
1.3 
1000 
0.028 
o. 
Table 4.2 
Proportional Bending Moments for the 
Kishwaukee River Bridge at Piers 
Bending Moments in kN~m 
Pier DL + Prestressing Change in LL Temperature Total % of (B) 
Bending Moment Bending Be"ndi ng Bending Bending 
Moment Moments Moment Moment 
At Time 600 Days Max. Min. Max. Min. t~i n. LL Temperature --.I 
of Final After w w Structure Completion 
Completion (B) % % % 
- 110299 - 98153 11.0 2714 -13949 14934 -80505 -112102 14.2 15.2 
2 - 104235 - 98241 5.8 3197 -16461 11580 -83464 -114702 16.8 11.8 
3 - 106379 - 99104 6.8 3197 -16461 11580 -84327 -115565 16.6 11.7 
4 - 103747 - 97761 5.8 2714 -13949 14934 -80113 -111710 14.3 15.3 
1 kN-m = 0.738 k-ft 
Tab le 4.3 
Proportional Bending Moments for the 
Kishwaukee River Bridge at Midspans 
Bending Moments in kN·m 
Span DL + Prestressing Change in LL Temperature Total % of (B) Temperature 
Bending Moment Bending Bending Bending Bending B~1 % of 
Moment Moments Moment Moment Max. Total 
At Time 600 Days ~1ax. Hin. Max. r~i n. Max. Temper-
of Final After LL ature 
Structure Comp1eti on 
Comp1eti on (B) % % % 
1 16731* 20326* 21.5 8808 ,,:4837 7467 w .po 
2 21685 30785 42.0 11261 -4446 13257 55303 26339 36.6 43.1 24~0 
3 23647 30273 28.0 11555 -5588 11580 53408 24685 38.2 38.3 21.7 
4 23869 30518 27.9 11261 -4446 13257 55036 26072 36.9 43.4 24.1 
5 18588* 20358* 9.5 8808 -4837 7467 
* Maximum positive moments for spans and do not occur at midsp~n. 
1 kN··m = 0.738 k ~ft 
Pier 
and 4 
2 and 3 
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Table 4.4 
Comparison of Temperature Continuity Bending 
Moments at the Supports 
(A) 
BS 5400 
11727 
9098 
All Moments in kN~m 
Bending Moments 
(B) 
Kishwaukee River 
Bridge Measurements 
14934 
11580 
(C) 
New Zealand 
Code 
26450 
"20519 
Ratios 
A : B : C 
0.785 1.77 
0.785 1 .77 
Tab le 4.5 
Stress Changes at Instrumented Segments 
of the Kishwaukee River Bridge 
All Stresses in MPa 
Segment Time Dependent Change Live Load Thermal Stresses 
Stresses (52) in Stress Stresses 
At Time 600 Days Max. or Min. Continuity Se1f-
of Final After equilibrating 
Structure Comp1eti on 
Completion % 
Top Bottom Top Bottom Top Bottom Top Bottom Top Bottom Top Bottom 
Fiber Fiber Fiber Fiber Fiber Fiber Fiber Fiber Fiber Fiber Fiber. Fiber w 
m 
SB1-N1 -3.38 -9.38 -3.79 -8.07 12.2 14.0 1.27 -1.55 -1.36 1.66 -4.32 -0.41 
SB1-N9 -2.76 -5.58 -3.59 -3.65 30.0 34.6 -1.02 0.59 -1.38 2.38 -4.27 -0.60 
SB1-N16 -1.79 -6.62 -2.69 -4.48 50.0 32.3 -1.10 1.90 -1.29 2.24 -4.27 -0.60 
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Table 4.6 
Comparison of Measured Strain Variations 
with Analytical Values of Segment SB1-N9 
Gauge Max. Strain Variation Implied Stress Change Total Calculated 
No. Stress Change 
x 106 MPa MPa 
Midheight 
3 66 2.0 
1.5 
7 60 1.8 
Bottom Flange 
2 60 1.8 
1 50 1 .5 1 .7 
8 62 1 .9 
Notes: 1) Only data for 7/8/82 are considered. 
2) Stress comparison data are extracted from stress data 
Fig. 4.22. 
3) The measured strain values are for each individual gauge 
while for calculated stress data uniform behavior was 
cons i de red. 
4) All tabled stresses are tension. 
1 MPa = 145 psi 
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Table 5.1 SOlMET Typical Meteorological 
Year Stations 
Station and No. WBAN Latitude Longitude Elevation No. North West em] 
Fort Worth TX 3927 32°50 ' 97°03 ' 164 
2 Lake Charles lA 3937 30°13' 93°09' 4 
3 Columbia MO 3945 38°58' 92°22' 237 
4 Apalachicola, FL 12832 29°44' 84°59' 4 
5 Miami FL 12839 25°48' 80°16 2 
6 Brownsville TX 12919 25°54' 97°26' 6 
7 Charleston SC 13880 32°54' 80°02' 12 
8 Nashville TN 13897 36°07' 86°41 ' 175 
9 Dodge Ci ty KS 13985 37°46' 99°58' 790 
10 Caribou ME 14607 46°52' 68°01' 190 
11 Madison WI 14837 43°08' 89°20' 260 
12 E1 Paso TX ·23044 31°48' 106°24' 1194 
13 Albuquerque NM 23050 35°03' 106°37' 1619 
14 Ely NV 23154 39°17' 114°51' 1907 
15 Phoenix AZ 23183 33°26' 112°01' 340 
16 Santa Maria CA 23273 34°54' 120°27' 72 
17 Bismark NO 24011 46°46' 100°45' 503 
18 Great Falls MT 24143 47°29' 111°22' 1116 
19 Medford OR 24225 42°22 ' 122°22' 400 
20 Seattle WA 24233 47°27' 122°18' 118 
21 Fresno CA 93193 36°46' 119°43' 100 
22 Cape Hatteras NC 93729 35°16 ' 75°33' 2 
23 Sterling VA 93734 38°57' 77°27' 88 
24 Boston MA 94701 42°22' 71°02' 5 
25 New York NY 94728 40°47' 73°58' 40 
26 Omaha NB 94918 41°18' 95°54 1 298 
Station 
. No. 
1 
2 
3 
4 
5 
6 
7 
8 
9 
10 
11 
12 
13 
14 
15 
16 
17 
18 
19 
20 
21 
22 
23 
24 
25 
26 
Table 5.2 
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Correlation Coefficients Between Total Daily 
Radiation, Temperature Variation and Average 
Wind Speed for a Corresponding Day 
(Correlation determined for June and July for the weather 
stations given in Table 5.1). 
Total Radiation Carrel ation Temperature Variation 
vs. Total Radiation vs. 
Temperature Variation vs. Average Wind Speed 
Average Wind Speed 
0.69 0.09 - 0.33 
0.52 0.12 - 0.25 
0.74 0.08 - 0.15 
0.18 0.23 - 0.28 
0.48 - 0.05 - 0.47 
0.54 0.32 - 0.42 
0.73 0.02 - 0.20 
0.74 .- 0.23 - 0.21 
0.80 0.32 0.25 
0.74 - 0.15 - 0.24 
0.66 0.08 - 0.31 
0.63 - 0.24 n ')c - U.JO 
0.63 O. 11 - o. 11 
0.69 0.20 0.05 
0.67 - 0.56 - 0.66 
0.35 0.09 - 0.19 
0.70 - 0.13 - 0.33 
0.77 0.22 0.09 
O. 71 - 0.05 - 0.44 
0.78 0.09 - 0.24 
0.75 0.22 - 0.07 
0.44 O. 14 - 0.22 
0.81 - 0.21 - 0.30 
0.64 0.15 0.24 
0.42 - 0.04 0.08 
0.70 0.05 - O. 17 
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Table 5.3 Selected Days for Thermal Analyses 
Recorded Weather Data Statistical Average 
for June and July (92) 
Station Date Total Temperature Average Temperature Average 
Dai 1y Variation Wind Speed Variation Daily 
Radiation Before 1600 hr Wind Speed 
[kJ/m2] [OC] [m/s] [OC] [m/s] 
6/14/59 30943 12.8 4.7 11 .5 4.9 
6/16/59 30803 "1.1 3.7 
2 6/17/59 29043 10. o· 4. 1 9.9 3.8 
6/10/59 28667 9.5 3.2 
3 6/3/64 31829 17.2 2.8 11.9 3.8 
6/10/64 31021 10.5 2.9 
4 6/2/63 29089 11 . 1 3.9 7.0 3. 1 
6/4/63 28621 8.4 1 .6 
5 6/12/57 26116 7.8 2.9 7.9 3.6 
6/11/57 25878 9.4 2. 1 
6 6/22/64 28871 8.3 6.2 9.2 5.5 
7/9/61 28135 10.5 3.7 
7 6/2/61 27661 14.4 2.4 9.9 3.7 
6/1/61 27279 13. 1 1.9 
8 6/14/68 29180 17.7 1.6 11.8 3.2 
6/13/68 28916 11 . 7 3. 1 
9 7/3/61 34096 14.5 3.7 14.2 6.6 
6/27/63 32605 15.0 5.7 
10 6/14/53 31250 17.2 1.9 11 .6 4.5 
6/17/53 30794 12.3 3.7 
11 6/30/57 29767 12.7 5.7 13.6 4.2 
7/5/73 29367 15.0 1.5 
12 6/7/61 33611 10.5 5. 1 15.3 4.4 
6/8/61 33296 15.6 2.4 
13 6/21/69 33835 21 . 1 3.5 14.9 3.3 
7/1/57 33818 16.0 1.7 
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Table 5.3 (continued) 
Recorded Weather Data Statistical Average 
for June and July (92) 
Station Date Total Temperature Average Temperature Average 
Daily Variation Wind Speed Variation Daily 
Radi at; on Before 1600 hr Wind Speed 
[kJ/m2] [Oe] [m/sl [Oe] [m/s] 
14 7/1/74 33991 24.6 4.0 22.0 5. 1 
7/8/74 33226 23.3 3. 1 
15 6/7/64 33131 l8.3 1.9 18.3 2.8 
6/9/64 32755 19.4 1.3 
16 7/10/69 30924 22.8 2.9 ·10.7 3.2 
7/12/69 30561 11.6 1.9 
17 6/20/75 31321 11 . 1 2.9 14.2 4.9 6/23/75 30612 13.9 1 . 1 
18 6/10/59 33932 8.9 8.3 15.7 4.8 6/18/59 31928 10.5 1.9 
19 6/13/59 31333 13.9 1.8 17.8 2.6 
6/21/59 31237 19.4 1.3 
20 7/2/62 29496 12.2 3.3 11 .6 4.3 
6/1/59 29225 17. 1 1.7 
21 6/8/62 33500 20.0 2.4 20.1 3.4 
6/5/62 32991 18.8 2.7 
22 6/1/69 29343 7.3 2.9 6.9 4.8 
7/22/69 28684 10.0 2.3 
23 6/4/68 28971 16. 1 2.2 10. 1 2.8 
6/5/68 28378 17.8 0.9 
24 7/25/53 33270 7.8 5.2 9.3 5.2 
6/26/65 30303 10.6 3.7 
25 6/11/61 28753 9.4 3.3 9.7 3.6 
6/5/61 28485 8.9 4.8 
26 6/8/72 30485 15.6 3.6 11 .8 4.6 
6/23/72 30048 16.6 2.1 
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Table 5.4 Comparison of Theoretical Clear Sky Radiation for 
21st June and Statistical June or July Average 
Daily Radiation with Measured Total Radiation Maxima 
Measured Theoretical Average Daily Total 
Radiation 
Station Date Total Total Difference June/July Difference 
Radiation Radiation with Radiation with 
[kJ/m2] [kJ/m2] 
Measured 
[kJ/m2] 
~'1easured 
% % 
6/14/59 30943 28851 - 6.8 27664 -10.6 
2 6/17/59 29043 27194 - 6.4 25119 -13.5 
3 6/3/64 31829 29484 - 7.4 24385 -23.4 
4 6/2/63 29089 27148 - 6.7 24921 -14.3 
5 6/12/53 26116 25023 - 4.2 22614 -13.4 
6 6/22/64 28871 26504 - 8.2 26613 - 7.8 
7 6/2/61 27661 28250 2.1 23984 -13.3 
8 6/14/68 29180 28865 - 1. 1 24393 -16.4 
9 7/3/61 34096 30078 -11.8 27916 -18. 1 
10 6/14/53 31250 31683 1.4 21541 -31 . 1 
11 6/30/57 29767 29982 0.7 23226 -22.0 
12 6/7/61 33611 29779 -11.4 30994 - 7.8 
13 6/21/69 33835 33670 - 0.5 31295 - 7.5 
14 7/1/58 33991 34601 1.8 30063 -11 .6 
15 6/7/56 33131 31858 - 3.8 31567 - 4.7 
16 7/10/53 30924 31865 3.0 29503 - 4.6 
17 6/20/75 31321 31685 1.2 26165 -16.5 
18 6/10/59 33932 30776 - 9.3 27045 -20.3 
19 6/13/59 31333 31807 1 .5 29591 - 5.6 
20 7/2/62 29496 31673 7.4 23954 -18.8 
21 6/8/62 33500 32177 - 3.9 29980 -10.5 
22 6/1/69 29343 29162 - 0.6 NA NA 
23 6/4/68 28971 29484 1.8 NA NA 
24 7/25/53 33270 30307 - 8.9 21154 -36.4 
25 6/11/61 28753 29763 3.5 22631 -21.3 
26 6/8/72 30485 30344 - 0.5 NA NA 
NA = Not Available 
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Table 5.5 Therma 1 Prop"erti es of Concrete Used 
in Thermal Analyses 
Concrete 
Density [kg/m3] 2480 
Specific Heat [J/kg-OC] 922 
Conductivity [W/m-OC] 1.384 
Surface Heat Transfer 
Heat transfer on the top surface: 
Bu'tumen 
2300 
840 
.744 
ht = 13.5 + 3.88 v [W/m
2
.oC] 
where v = wind speed [m/s]· 
Air 
1 .3 
922 
0.023 
For the bottom exposed surface a value of 0.45 of the top surface 
heat transfer was used. This is based on results of tests by Emerson (52). 
For inside surfaces of flanges and partially protected lower surfaces a 
value of 0.2 of top surface heat transfer was used. 
Absorptivity 
Plain concrete upper surface = 0.7 
Bitumen upper surface = 0.9 
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Table 5.6 Discretization of Individual Structures for 
the Thermal Finite Difference Analyses 
Structure Material Thi ckness No. of 
[m] Elements 
1 ) 2 m Thick Concrete Structure a) Concrete 0.9 30 
Concrete 0.9 18 
Concrete 0.2 5 
b) Bitumen 0.05 10 
Concrete 0.9 30 
Concrete 0.9 18 
Concrete 0.2 5 
c) Bitumen 0.10 10 
Concrete 0.9 30 
Concrete 0.9 18 
Concrete 0.2 5 
2) 1 m Thick Concrete Structure a) Concrete 0.3 20 
Concrete 0.5 15 
Concrete 0.2 10 
b) Bitumen 0.05 10 
Concrete 0.3 20 
Concrete 0.5 15 
Concrete 0.2 10 
c) Bitumen 0.10 10 
Concrete 0.3 20 
Concrete 0.5 15 
Concrete 0.2 10 
3) 0.5 m Thick Concrete Structure a) Concrete 0.20 20 
Concrete 0.30 20 
b) Bitumen 0.05 10 
Concrete 0.20 20 
Concrete 0.30 20 
c) Bitumen 0.10 10 
Concrete 0.20 20 
Concrete 0.30 20 
145 
Table 5.6 (continued) 
Structure Naterial Thickness No. of 
[m] Elements 
4) m Thick Structure with Air 
Cavity a) Concrete 0.20 20 
Air 0.65 10 
Concrete 0.15 6 
b) Bitumen 0.05 10 
Concrete 0.20 20 
Air 0.65 10 
Concrete o. 15 6 
c) Bitumen 0.10 10 
Concrete 0.2'0 20 
Air 0.65 10 
Concrete 0.15 6 
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Table 5.7 Maximum Temperature Differences for Two Days 
per Station through 2 m Structural Depth 
Station Plain Concrete Surface 50 mm Blacktop 100 mm Blacktop 
Temperature Time Temperature Time Temperature Time 
Difference Difference Di fference . 
[OC] [Hours] [Oe] [Hours] [oC] [Hours] 
23.6 1300 18.3 1500 12.5 1700 
21.8 1500 17.7 1600 12.4 1700 
2 20. 1 1400 15.8 1600 10.9 1700 
20.7 1400 16.6 1500 11.5 1700 
3 34.8 1400 19.9 1500 13.8 1700 
22.4 1300 20. 1 1500 14. 1 1700 
4 22.4 1400 17. 7 1500 12.0 1700 
21.7 1200 17.,9 1500 13.2 . 1800 
5 20.9 1300 16. 1 1400 10.8 1600 
22.4 1300 17. 1 1400 11 .6 1600 
6 16.9 1300 12.9 1500 8.7 1600 
21.2 1400 15.3 1500 10.4 1600 
7 . 24.2 1400 19.0 1 pOO 13. 1 1700 
21.3 1400 19.0 1600 13. 1 1700 
8 27.4 1400 21.4 1600 15.9 1800 
21.4 1400 17.5 1500 12. 1 1700 
9 26.2 1300 20.2 1600 13.8 1700 
21.7 1500 16. 1 1600 11 .0 1800 
10 30.3 1500 25.2 1600 18.0 1700 
22.6 1500 18.4 1600 12.8 1700 
11 19. 1 1400 14.2 1500 9.6 1700 
24.1 1400 20.0 1500 14.2 1700 
12 24.0 1400 19.3 1500 13.5 1700 
29.7 1300 22.9 1500 15.6 1700 
13 23.6 1300 18.6 1500 13.0 1700 
29.7 1200 24.4 1600 17.3 1800 
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Table 5.7 (continued) 
Station Plain Concrete Surface 50 mm Blacktop 100 mm B1 acktop 
No. Temperature Time Temperature Time Temperature Time 
Difference Difference Difference 
[OC] [Hours] [OC] [Hours] [oC] [Hours] 
14 24.5 1400 19.0 1500 13.4 1800 
29.7 1200 24.4 1600 15.4 1700 
15 29.4 150b 24.5 1500 17.5 1800 
31. 7 1400 25.9 1500 18.3 1700 
16 25.9 1400 19.7 1500 13.4 1700 
21.0 1400 17.8 1600 13.4 1700 
17 20.3 1400 17.2 1500 12.4 1700' 
26.8 1300 ·22.1 1500 15.8 1700 
18 15.2 1300 12.0 1600 8.4 1700 
26.5 1400 22.0 1500 15.6 1700 
19 25.6 1400 20.2 1500 14. 1 1700 
26.6 1500 22.4 1600 17.3 1700 
20 18.2 1500 15.5 1600 11 .0 1700 
26.9 1400 22.0 1400 15.7 1700 
21 30.9 1400 25. 1 1600 17.7 1800 
30.2 1400 24.5 1600 17.4 1700 
22 22.7 1400 18.7 1500 13.0 1700 
21 .5 1400 18.0 1500 12.9 1700 
23 23.9 . 1500 19.4 1600 13.4 1800 
27.3 . 1400 22.5 1500 15.9 1700 
24 21.6 1400 17.4 1600 12.3 1700 
20.7 1300 16.4 1500 11 .4 1700 
25 20. 1 1400 16.9 1600 12.0 1700 
19.0 1200 13.9 1400 9.6 1600 
26 23.8 1300 18.6 1500 13. 1 1700 
26.2 1400 21.4 1600 15.4 1800 
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Table 5.8 Maximum Temperature Differences for One Day 
per Station through 1 m Structural Depth 
Station Plain Concrete Surface 50 mm Blacktop 100 mm Blacktop 
No. Temperature Time Temperature Time, Temperature Time 
Difference Difference Difference 
rOC] [Hours] [OC] [Hours] roC] [Hours] 
23.3 1300 18. 1 1500 12.3 1700 
2 20.5 1400 16.3 1500 11.2 1700 
3 25.11 1300 19.9 1500 14.0 1700 
4 22.2 1400 ' 17.5 1500 11 .8 1700 
5 22.1 1300 17.0 1400 11.4 1600 
6 20.9 1300 15. 1 1500 10.2 1600 
7 23.9 1400 18.,6 1600 12.8 1700 
8 27.1 1400 22. 1 1600 15.4 1800 
9 26.0 1300 16.9 1600 13.0 1700 
10 22.5 1500 28.4 1600 12.8 1800 
11 23.9 1400 19.7 1500 13.9 1700 
12 28.8 1400 22.6 1500 15.3 1700 
13 28.5 1500 23.9 1600 16.8 1800 
14 28.7 1200 21 ~ 6 1500 15. 1 1700 
15 30.6 1500 24.8 1600 17.2 1700 
16 25.3 1400 19.0 1500 12.6 1700 
17 26.5 1300 21.7 1500 15.3 1700 
18 26.3 1400 21.8 1500 15.4 1700 
19 27.1 1500 21.5 1600 17.3 1700 
20 26.6 1300 21.9 1400 15.2 ,1700 
21 30.3 1400 24.2 1600 16.7 1800 
22 22.5 1400 18.5 1500 12.8 1700 
23 26.9 1400 22. 1 1500 15.5 1700 
24 21.4 1400 17 .. 2 1600 12. 1 1700 
25 19.8 1500 16.7 1600 11.8 1700 
26 25.7 1400 20.7 1600 14.5 1800 
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Table 5.9 Maximum Temperature Differences for One Day 
per Station through 0.5 m Structural Depth 
Station Plain Concrete Surface 50 mm Blacktop 100 mm B1 acktop 
No. Temperature Time Temperature Time Temperature Time 
Difference Difference Difference 
rOC] [Hours] roC] [Hours] roc) [Hours] 
22.0 1400 16.5 1500 10.7 1700 
2 19. 1 1400 14.7 1500 9.6 1700 
3 23.9 1300 18.3 1500 12.3 1700 
4 20.9 1400 15.8 1500 10.4 1700 
5 20.5 1300 15.3 1400 9.9 1600 
6 19.9 1300 13.6 1500 . 8.9 1600 
7 22.2 1400 16.4 1600 10.8 1700 
8 24.8 1400 19.3 1600 12.8 1800 
9 26.2 1300 20.0 1600 10.2 1700 
10 26.5 1500 21 .'1 . 1600 14.4 1700 
11 22.0 1400 17.5 1500 11 .9 1700 
12 26.9 1400 20.3 1500 13. 1 1700 
13 25.8 1500 21.0 1600 14.0 1800 
14 27.1 1200 19.3 1500 12.8 1700 
15 27.6 1500 21.6 1600 14.4 1700 
16 22.9 1400 16.4 1500 10.0 1700 
17 24.0 1300 18.9 1500 12.8 1700 
18 24.5 1400 19.8 1500 13.3 1700 
19 24.9 1500 18.9 1600 12.6 1700 
20 25. 1 1300 18.9 1400 12.0 1700 
21 27.8 1400 21.3 1600 13.8 1800 
22 21 . 1 1400 16.8 1500 11 .3 1700 
23 24.5 1400 19.4 1500 12.9 1700 
24 20.3 1400 15.8 1600 10.8 1700 
25 18.6 1500 15.2 1600 10.4 1700 
26 23.2 1400 17.8 1600 11 .8 1800 
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Table 5.10 Number of Days when Recorded Weather Data 
Approaches the Maximum Temperature for 
Each Station 
These days are arbitrarily defined as having a total color radiation no less 
than 97 % of the extreme and an average wind speed of no more than 20 % higher 
than for the corresponding day. 
Station Extreme pay Maximum . No. of Days 
Radiation Average Wind Speed Temperature 
[kJ/m2] 
Difference 
[m/sJ roC] 
30943 4.8 23.6 5 
2 28667 3.5 20.7 4 
3 31021 3.0 24.8 5 
4 29089 3. 1 22.4 2 
5 25878 2.9 22.4 4 
6 28135 4.7 21.2 8 
7 27661 2.8 24.2 2 
8 29180 1 .9 27.4 1 
9 34096 4.3 21.8 
10 30794 1 .8 20.6 2 
11 29367 1.6 24.1 1 
12 33296 2.5 29.7 ..., I 
13 33818 1 .8 29.7 
14 33226 3.7 29.7 4 
15 32755 2.0 31.7 9 
16 30924 3.2 25.9 3 
17 30612 1.0 26.8 1 
18 31928 2.3 26.5 2 
19 31237 2.2 28.2 9 
20 29225 1. 7 23.9 1 
21 33500 2.8 30.9 9 
22 29343 3.2 22.7 2 
23 28378 1 • a 27.3 1 
24 33270 5. 1 21.6 
25 28753 3.3 20. 1 
26 30048 2. 1 26.2 4 
Table 5.11 Comparison of Temperature Differences Calculated with Sensitivity 
Equations and Computed with Thermal Analyses 
Station Total Dai ly Average Temperature Differences (Oc) 
No. Da i ly Temp. Wind No Blacktop 50 mm Blacktop 100 mm Blacktop 
Radiation Variation Speed 
[kJ/m2] 
Sense Sense Thermal Sense Sense Therma 1 . Sens. Sense Thermal [OC] [m/s] Eq. 1 Eq. 2 Anal. Eq. 1 Eq. 2 Anal. Eq. 1 Eq. 2 Anal. 
1 30943 12.8 4.7 23.2 23.6 23.6 18.0 15.4 18.3 12. 1 10.7 12.5 
2 28667 9.5 3.2 22.9 21.8 20.7 18.4 15.6 16.6 12.6 11.0 11 .5 
3 31829 17.2 2.8 28.4 26.9 24.B 20.5 lB.1 20. 1 14. 1 12.8 ·14. 1 
4 29089 11 . 1 3.9 22.4 22. 1 22.4 17.7 14.9 17.7 12.0 10.4 12.0 
5 25878 9.4 2. 1 23.1 20.6 22.5 18.9 16.3 17. 1 13.2 11 .6 11.6 
6 28135 10.5 3.7 21.9 21.3 21.2 17.4 14.5 15.3 11.8 10.2 10.4 
7 27661 14.4 2.4 25.5 23.0 24.2 20.2 18.0 19.0 13.8 12.7 13. 1 
29180 17.7 1.6 29.5 26.6 27.4 23.5 22.2 22.5 16. 1 . 15.7 15.9 --' 8 <.n 
9 34096 14.5 3.7 27.3 27.3 26.3 21.5 19.4 20.2 14.5 13.6 13.8 --' 
10 30794 12.3 3.7 24.4 24.0 . 22.6 19.3 16.8 18.4 13. 1 11.8 12.8 
... d 11 29367 15.0 1.5 28.9 26.2 . 24.1 23.3 21.9 20.0 16. 1 15.5 14.2 r 
,.N a~ 12 33296 15.6 2.4 29.7 28.1 29.7 23.6 22.0 22.9 16. 1 15.5 15.6 0 :00 ~ Q) 13 33818 16.0 1.7 31. B 29.7 29.7 25.5 24.4 24.4 17.6 17.3 17.3 (0 c:i 
I 2: Ii N 14 33226 23.3 3.1 30.8 29.4 29.7 23.4 22.1 21.9 15.6 15.5 15.4 
· tJjf!~ 15 32755 19.4 1.3 33.3 30.8 31.7 26.5 25.9 25.9 18.2 18.4 18.3 f=:u ...... c+ CD 
'oo<qH,- 16 30924 22.8 2.9 29.5 27.5 25.9 22.4 20.9 19.7 . 14.9 14.7 13.4 's m CD 
• f-'- ~ 0 ti 17 30612 13.9 1 . 1 30.7 28.4 26.8 25. 1 24.2 22.1 17.6 17.3 15.8 ~ o....,~ 18 31928 10.5 1.9 28.1 26.3 26.5 23.0 21.2 22.0 16.0 15.0 15.6 . ~HO 
rn f-'CD 19 31237 19.4 1.3 32.4 29.7 28.2 25.8 25. 1 24.9 17.8 17.9 17.3 cT ..... ~ I~ ~o 20 29225 17. 1 1.7 29.2 26.4 26.9 23 .. 2 21.8 22.0 15.9 15.5 15.7 I: 0 0 
'cT .... iii 21 32991 18.8 2.7 29.9 28.3 30.2 24.4 23.2 25. 1 16.5 16.4 17.7 
• 22 29343 7.3 2.9 23.1 22.0 22.7 18.9 16. 1 18.7 13. 1 11.4 13.0 
23 28378 17.8 0.9 31.1 28.4 27.3 25. 1 24.6 22.5 17.5 17.5 15.9 
24 33270 7.8 5.2 22.3 23.8 21.6 18.8 16. 1 16.4 12.2 10.4 12.3 
25 28753 9.4 3.3 22.7 21 .7 20.1 18.2 15.4 16.9 12.5 10.8 12.0 
26 30048 16.6 2. 1 28.6 26.1 26.2 22.7 21.0 21.5 15.5 14.8 15.4 
Note: a) The average wind speed is measured before 1600 hours. 
b) To allow for partial protection of bridges the average wind speeds are factored by 
0.8 before calculation of temperature differences. 
°1 
(m) 
O. 1 
O. 1 
O. 1 
Notes: 
°2 
(m) 
0.2 
0.2 
0.2 
Table 5.12 
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Straight Line Approximations for 
Comp'uted Temperature Distributions 
f J :FI ~ T1 
,~ 3 
o , 
~ 
I.-
o 03 
E 
d 
a.2m 
2.S0C 
Lower Bound UEEer Bound 
(Brownsville TX) (Phoenix AZ) 
°3 Tl T2 T3 °1 °2 D3 T1 (m) (OC) (0 C) (OC) (m) (m) (m) (OC) 
Unsurfaced 
< 0.7 21 6.0 2 I O. 15 0.25 < 0.6 32 
50 mm Blacktop 
< 0.7 15 6.0 1.6 10.15 0.25 < 0.6 26 
100 mm Blacktop 
< 0.7 10 6.0 1. 3 I O. 15 0.25 < 0.6 18 
T2 
(0 C) 
7.5 
7.5 
5.0 
For deck slabs above air cavity T2 and T3 are increased with 3°C 
T3 
(0 C) 
2.6 
2.3 
1.5 
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Table 6.1 Comparison of Curvature Induced by the 
Computed Temperature Distributions and 
the Multilinear Approximation on a 2 m 
Rectangular Beam 
Curvature 6 '(x 10 Rad/m) 
Station 6 Station 15 
Curve Straight Curve Straight 
Lines Lines 
No Blacktop 34.80 33.08 59.71 61.66 
50 mm Blacktop 30.91 28.37 52.76 53.74 
100 rmn Blacktop 21.04 21.73 34.16 35.22 
1 m = 3.281 ft 
Span 
8 
10 
12.5 
15 
16.3 
17 
20 
21.3 
'JC: 
~..J 
Table 6.2 
d 
t 
0.15 
0.15 
0.155 
o. 16 
0.158 
0.2 
0.2 
0.178 
n .,.,,, 
v.,-,-~ 
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T-Beam Bridge Cross Sections used for 
Computati o'n of Therma 1 ,Curvatures 
W bw 
2.05 0.25 
2.08 0.28 
2.15 0.29 
2.25 0.30 
2.13 0.28 
2.72 0.32 
2.75 0.35 
2.59 0.33 
3.05 0,,37 
All dimensions in m. 
1 m = 3.281 ft 
d 
0.52 
0.65 
0.813 
0.974 
1.067 
1.105 
1.3 
1.524 
1 ~625 
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Table 6.3 Box Girder Bridges used for Thermal 
Curvature Analysis 
Bridge Country Type 
Total 
Depth 
[m] 
1 
2 
3 
4 
5 
6 
7 
8 
9 
10 
11 
Shallow Box Girder (~O) NZ 
Bridge B3510 (59) RSA 
Bridge B3794 (59) _RSA 
Bridge B514 (59) RSA 
Bridge B4117 (59) RSA-
Be 11 Street Sri dge (30) NZ 
Bridge B4119 (59) RSA 
Ca 1 i forni a - Typi ca 1 (60) USA 
Bridge Bl130 (59) RSA 
Unknown (28) NZ 
Bridge Bl131 (59) RSA 
12 Santubong River (69) M 
13 New Market Viaduct (30) NZ 
14 Creil Viaduct (66) F 
1 5 V ail Pas s ( 66 ) USA 
16 Rave n b as h ( 66 ) H 
17 Kishwaukee River (65) USA 
18 Bear River (66) C 
C = Canada 
F = France 
H Holland 
M = Malaysia 
NZ = New Zealand 
RSA = Republic of South 
Sha 11 ow 
In-situ phase construction 
-In-situ phase construction 
In-situ phase construction 
In-situ post-tensioned 
In-situ prestressed post-tensioned 
In-situ post-tensioned -
_ Prestressed concrete 
In-situ phase construction 
In-situ post-tensioned 
In~situ post-tensioned 
Post-tensioned precast segmental 
1.000 
1.240 
1.500 
1.600 
1.725 
1.828 
1 .885 
1 .981 
2.000 
2. 180 
2.250 
2.400 
In-situ prestressed post-tensioned 2.438 
Post-tensioned precast segmental 2.900 
Post-tensioned precast segmental 3.048 
Post-tensioned precast segmental 3.300 
Post-tensioned precast segmental 
Post-tensioned precast segmental 
1 m = 3.281 ft 
Africa 
3.500 
3.550 
USA = United States of America 
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Table 6.4 Compari son of Thermal Stresses. at the Bottom Fi ber 
of Bridge Bl13l as Calculated with Thermal Analysis 
Program and Derived Equations, (Section 6.4.3), 
Respectively 
Thermal Loading Thermal Analysis Program Equations 
Curvature Res. ·Therma 1 Curvature Res. Thermal 
[xl06 Rad/mJ 
Stress Stress 
[x106 Rad/mJ 
Stress Stress 
[MPaJ [MPaJ [MPa] [MPa] 
Station 6: 
Unsurfaced 40.73 - 1.16 0.82 42.1 - 1. 1 0.9 
50 mm Blacktop 36.06 - 1. 15 0.61 36.8 - 1. 1 0.7 
100 rrun Blacktop 24.09 - 0.94 . 0.25 26.7 - 0.9 0.4 
Station 15: 
Unsurfaced 77.36· - 1.78 2.00 85.4 - 1.7 2.4 
50 mm Blacktop 71.58 - 1.77 1.70 78.9 - 1.6 2.1 
100 mm Blacktop 50.41 - 1.45 1.00 56.2 - 1.4 1.3 
1 MPa 145 psi 
1 m = 3.281 ft 
Table 6.5 
Horizontal 
Surface 
N 
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Solar Radiation Incidence Angles for an 
East Facing Vertical Surface and 
Bridge B113l Web Radiation Absorption 
Vertica.l 
Surface 
w------------~~--------~ 
S 
C H1 = cos (90 _ Y) tanJ3 
If Hl > H + No direct solar radiation 
% Exposure = 
H - H1 
H x 100 
General 
13° 
Bridge B 1131 
Solar 
Time 
[hrsJ 
5 
6 
7 
8 
9 
10 
11 
12 
62.4 
70. 1 
77.2 
84.3 
92.2 
103_0 
123.3 
180.0 
1 m = 
1.2 
12.7 
24.7 
37.0 
49.5 
61.9 
73.0 
80.0 
3.281 ft 
% of Max. H1 % 
East Vertical Face Exposure 
Solar Radiation [m] 
30 0.10 95 
71 1.03 54 
96 2.03 10 
100 3.27 0 
91 4.97 0 
72 8.29 0 
45 16.82 0 
15 GO 0 
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FIGURES· 
E 
N 
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deck depth 
• 
d/2 
d/2 
(a) Positive Temperatur~ 
Distribution 
(b) Reversed Temperature 
Distribution , 
Fi g. 1. 1 
o 
Temperature Range and Distribution Along Deck/ 
Girder Depth (ASCE - Bridge Committee) (75) 
50mm blacktop 
England 
BS 1 53 (73) 
England 
BS 5400 (74) 
Gennany 
DIN 1072 (76) 
New Zealand 
(79) 
Fig. 1.2 Temperature Distributions Specified by Different Codes 
* No adjustment for blacktop thickness 
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SOLAR RADIATION 
/ / / / 
Atmosphere 
Radiation absorbed and scattered by the 
atmosphere 
Reflected 
solar Incident" solar radiation 
Direct solar 
Absorbed radiation 
radiation 
Wind 
"'<la~~ 
from the earth 
Radiation 
from the earth 
Fig. 2.1 Climatic Factors Influencing Bridge Temperatures 
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Fig. 3.1 Modelling of a Bridge Section for Finite Difference 
Heat Flow Analysis 
Top Node 
2nd Node 
3rd Node 
4th Node 
'st Interface 
Next Node 
etc. 
Top Node 
2nd Node 
3rd Node 
4th Node 
1st Interface 
Next Node 
etc. 
{T} [A]-1 {B} 
2 p. = (L\t k.)/(p. c. b. ) 1 . 1 1 1 1 
Vector T Matrix A 
T1 3+2h,b,/k, -4 0 0 0 
T2 -P, 2+2P1 -P, 0 0 0 
T3 0 
-Pl 2+2P1 -P, 0 0 
= 
T4 0 -P, 2+2Pl 
-P, 0 
T5 0 k,b2 -4k,b2 3kl b2+3k2~' -4k2bl 
T6 0 
-P2 2+2P2 -P2 
etc. etc. 
r 2 (hl Ts + a In) L11/k, 
I 2 TN2 + P, (TN2 - ,2 TN2 + TN3) 
2 TN3 + P, (TN2 - 2 TN3 + TN4) 
1 2 TN4 + Pl (T:3 - 2 TN4 + TN5) 
2 TN6 + P2 (TN5 - 2 TN6 + TN7) 
etc. 
Fig. 3.2 Matrix Formulation for Temperature Analysis (30) 
etc. 
k2bl 
-1 
--' 
m 
N 
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y 
d . 
(a) General Cross (b) Temperature Differ-
Section ence Distribution 
strain 
inducing 
stresses 
(c) Strain 
Profi 1 es 
Fig. 3.3 General Cross Section Subjected to a Nonlinear 
Temperature Distribution 
d 
(d) Residual 
Stresses 
d1 
Ecd 
(a) General 
Section 
(b) Temperature Differ- (c) 
ence Distribution 
Final Strain (d) Equivalent 
Profile Crack Strain 
Fig. 3.4 General Cracked Section Subjected to Temperature 
Distribution 
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Fig. 4.3 Bridge Cross Section Showing Blacktop Thickness as 
Well as the Lines Used for Linear Thermal Analysis 
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Fig. 4.4 Meteorological Data for Two Days of Field Measurement 
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SECTION S81-N9 
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Fig. 4.5 Comparison of Measured and Calculated Temperature 
Variations in Left Web of Section SB1-N9 
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Fig. 4.6 Comparison of Measured and Calculated Temperature Variations 
in center of Top and Bottom Flanges of Section SB1-N9 
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SECTION SB1-N9 
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Fig. 4.7 Comparison of Measured and Calculated Temperature 
Variations in Right Side of Section SB1-N9 
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Fig. 4.8 Temperature Distributions at Different Times of 8 June 1982 
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Fig. 4.9 Temperature Distributio'ns at Different Times of 8 June 1982 
for the center of Segment SB1-N9 
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Fig. 4.11 Comparison of Computed Temperature Distribution Based on 
Field Data with the BS 5400 Specification 
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Fig. 4.13 Comparison of Computed Temperature Distribution Based on 
Field Data with the ASCE Recommended Curve 
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Fig. 4.14 Comparison of Computed Temperature Distribution Shape with 
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Fig. 4.16 Kishwaukee River Bridge Moment Diagrams 
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Fig. 4.24 Stress Distributions Through Segment SB1-N16 
Induced by the Different Loading 
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Fig. 5.2 Meteorological Data fo~ Miami, FL 
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Fig. 5.3 Meteorological Data for Dodge City, KS 
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APPENDIX A 
THERMAL PROPERTIES OF CONCRETE 
The vertical temperature distribution through a concrete section 
depends on local weather conditions, section dimension and thermal properties 
of the concrete. The properties that determine the thermal behavior of con-
crete are thermal conductivity, thermal diffusivity, specific heat and the 
coefficient of thermal expansion. The absorptivity and surface heat transfer 
coefficient governs the flow·of heat into and out of the structure. 
A.l Conductivity 
This parameter indicates the ability of the material to conduct 
heat. The conductivity of ordinary·concrete depends on its composition. 
When the concrete is saturated the conductivity generally ranges between 
1.4 and 3~7 W/meoC (0.8 and 2.1 Btueft/ft2eheOF) (85). Density does not 
appreciably affect the conductivity of ordinary concrete, but because of the 
low conductivity of air, the thermal conductivity of lightweight concrete 
varies with its density, and is significantly lower than of ordinary concrete. 
The mineralogical character of the aggregate greatly affects the 
conductivity. In general, basalt and trachyte have a low conductivity, 
dolomite and limestone are in the middle range and quartz exhibits the 
highest conductivity. Conductivity depends also on the direction of flow 
relative to the orientation of the crystals. 
The conductivity changes only slightly with a change in temperature 
and can be assumed as constant in the normal ambient temperature range. 
Thermal conductivity is usually calculated from the diffusivity parameter 
which is easier to determine experimentally. 
Typical values for conductivity are listed in Table A.l (85). The 
values suggested by Loudon et al. (99) when the moisture content of concrete 
is taken into consideration are listed in Table A.2. 
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A.2 Specific Heat 
This property represents the capacity of concrete to absorb heat. 
The mineralogical character of the aggregate has a small effect on specific 
heat, but it is strongly influenced by the moisture content of concrete. 
The range of values for ordinary concrete is 840-1170 J/kg·oC. 
A.3 Thermal Diffusivity 
This property gives an indication of the ability of concrete to 
undergo temperature changes. 
Diffusivity = 
where k = conductivity, 
c = specific heat, and 
p = material density. 
k 
c p 
The typical range for diffusivity values is 0.5 x 10-6 - 1.5 x 10-6 
m2/s (0.2 - 0.06 ft2/h). Listing rock types in increasing order of diffusiv-
ity gives: basalt, rhyolite, granite, limestone, dolerite and quartzite. 
The values of the thermal properties of concrete as used by different re-
searchers are listed in Table A.3. 
A.4 Coefficient of Thermal EXDansion , 
The coefficient of thermal expansion depends on both the composi-
tion of the cement mix and its hygral state at the time of the temperature 
change. Due to the dissimilar thermal coefficients of concrete, cement paste 
and aggregate, the overall coefficient for concrete is the resultant of the 
individual values. The coefficient of thermal expansion of concrete varies 
between II x 10-6 and 20 x 10-6 /oC (6 x 10-6 and 11 x 10-6 /oF), which is 
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normally higher than that of aggregate alone. The aggregate types listed 
in increasing order of the linear coefficient of thermal expansion are: 
limestone, granite,dolorite, blast-furnace slag, sandstone, quartzite. 
Table A.4 lists the coefficients of thermal expansion for 1:6 concretes 
made with different aggregates. 
It is usually not viable to take all the factors that influence 
the coefficient of thermal expansion into consideration for the determination 
of its value in a specific case. Unless better accuracy is required, re-
course can be taken to the average values which have been suggested: 
Normal weight concrete: 
Marti n (3) 
AASHTO (71) 
average Ct.c 
- design Ct. 
c 
Lightweight concrete:: 
Branson (82) - Sand lightweight concrete Ct.
c 
= 9 x 10-6/ oC 
All lightweight concrete Ct.
c 
= 8 x lO-6/oC 
A.5 Surface Heat Transfer Coefficient 
A certain amount of heat energy exchange takes place at the struc-
ture surfaces by conduction and convection. Heat transfer depends on wind 
velocity, ambient air temperature and surface temperature (8). 
Published values for surface heat transfer ranges between 11 and 
57 W/m2.oC (52). Keh1beck (34) used a value of 13 W/m2.oC for the upper 
deck surfaces. Emerson (52) obtained a value of 23 W/m2.oC by applying the 
principles of the Institute of Heating and Ventilating Engineers and assuming 
a wind speed of 8-11 km/h. She used a value of 19 W/m2.oC for zero wind 
speed and assumed a value of 9 W/m2.oC for bottom surfaces irrespective of 
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the time of the year. Hunt and Cook (16) 'emp1oyed a value of 11 W/m2.oC in 
their calculations. 
Priestley and Buckle (28) expressed the heat transfer as a function 
of wind speed: 
h =" 13.5 + 3.88 v [W/m2.oC] 
where h = surface heat transfer coefficient 
v = air velocity [m/s] 
Thurston (30) approximated "the heat transfer coefficient similarly: 
h = 11.4 + 4.66 v [W/m2.oC] 
Both equations were based on the results obtained by Billington (81) for 
concrete. The latter equation yields a surface heat transfer coefficient of 
about 20 W/m2.oC with a low wind speed of 1.8m/s. Thurston assumed a bottom 
surface heat transfer coefficient equal to half of that of the top surface. 
Bryant et al. (12) used Billington's (81) general equation for forced convec-
tion over plane surfaces to obtain: 
h = 5.7 + 4.09 v [W/m2.oC] 
Barber (97) used a nonlinear equation for the surface coefficient, namely 
3/4 h = 7.38 + 6.44 v . 
A wind speed range between 1.0 and 2.5 m/s is considered a prac-
tical lower limit for the determination of extreme temperature distributions. 
The values of the heat transfer coefficients obtained for wind speeds of 1.0 
and 2.5 m/s according to the recommendations of different researchers are 
listed in Table A.S. 
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A.6 Absorptivity and Emissivity 
Warming by the sun can only take place if solar radiation is ab-
sorbed by the structure. The absorptivity of a surface is dependent on its 
texture, color and material type. 
Billington (81) lists absorptivity values 'of 0.85- 0.98 for black 
nonmetallic surfaces. Priestley (24) recommended a value of 0.9 for the 
surface absorptivity·of the blacktop layer of a bridge. This value is also 
widely used by others (16, 17, 30, 52). 
Billington recommended values for the absorptivity of plain con-
crete between 0.5 and 0.8, depending on the color of the surface (81), 
while Emerson (52) chose 0.5 for plain concrete irrespective of color. 
Priestley (24) concluded that an absorptivity value of about 0.7 should be 
used for a fresh clean concrete surface, 0.35 for white painted surfaces and 
0.9 for an old surface darkened by type marks. Emanuel et al. (43) decided 
on a value of 0.7 for plain concrete. 
Emissivity is not influenced by the color or texture of a surface 
and a value of 0.9 is used irrespective of whether the concrete is surfaced 
or not (43, 52). 
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Table A.l Typical Values for Conductivity of Concrete 
Consisting of Different Types of 
Aggregate (85) 
Type of Aggregate Density of Concrete 
[kg/m~ 
Barytes .3640 
Igneous 2540 
Dolomite 2560 
L i ghtwei ght 480 
Concrete (oven-dried) .1762 
Table A.2 Conductivity of Concrete Depending on 
Moisture Content (99) 
Density Conductivity [t4/m- °C] 
[kg/m3] Case Aa Case B b 
2080 1.32 1.49 
2240 1.70 1 .91 
2400 2.27 2.56 
a Case A Concrete protected from weather 
b Case B = Concrete exposed to weather 
Conductivity 
[W/m·oC] 
1.38 
1.44 
3.68 
0.14 
0.60 
k 
[W/m °C] 
Emerson (55) 1.4 
Priestley (24) 1.384 
Thurston (30) 1.384 
Huntetal. (16) 1.384 
Emanuel et al. (43) 1.730 
Bryant et ale (12) 1 .39 
Table A.3 Concrete Thermal Properties as Used by 
Different Researchers 
Concrete Bi~umen Blacktop 
c p Diff. k c p 
[J/kg °C] [kg/m3] [m2/s] [W/m °C] [J/kg OC] [kg/m3]. 
960 2400 0.6xlO-6 0.9 840 2300 
922 2480 0.605xl0~6 0.744 838 2240 
922 2480 0~605xl0-6 0.744 838 2240 
836 2310 0.717xl0-6 0.692 1673 2120 
670 2400 1.076 x 10-6 
920 2340 0.646x10-6 0.74 840 2580 
Di ff. 
[m2/s] 
0.5xlO-6 
0.396 x 10-6 
0.396xlO-6 ~ 
w 
·0. 195 x 1 0-6 
0.342 x 10 -6 
Table A.4 
Type of 
Aggregate 
Limestone 
Portland Stone 
Dolerite 
Grani te 
Blast-furnace Slag 
Sandstone 
Foamed Slag 
Quartzite 
Gra ve.l 
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Coefficient of Thermal Expansion of 1:6 
Concretes Made wi th. Di fferent Aggregates (85) 
Linear Coefficient of Thermal Expansion 
[xl 0- 6 JOC] 
Air-Cured Concrete Water-Cured Concrete 
7.4 6.1 
7-.4 6.1 
9.5 8.5 
9.5 8.6 
10.6 9.2 
11 . 7 10. 1 
12.1 9.2 
12.8 12.2 
13. 1 12. 1 
Table A.5 
Researcher 
Keh1beck (34) 
Emerson (52) 
Hunt et al. (16) 
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Surfac~ Heat Transfer Coefficients 
h [W/m .oC] as Suggested by 
Different Research~rs 
Wind Speed (m/s) 
0 1 (low) 
13 13 
19 
11 
P r i est 1 ey eta 1 . (28) 13.5 17 
Thurston (30) 11 .4 16 
Bryant et al. (12 ) 5.7 10 
Sa rber (97) 7.4 14 
2.5 
13 
23 
11 
23 
23 
16 
20 
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APPENDIX B . 
HEAT FLOW COMPUTER PROGRAM· 
B.l DescriDtion 
This program computes the linear flow of heat. in a bridge super-
structure according to the numerical methods described in Chapter 3. The 
temperature distribution is transient so that a new distribution exists 
after every time step. 
The layout of a general bridge cross section used for the compu-
tation of heat flow is shown in Fig. B.l. The temperature distribution in 
the structure is computed by modelling it with different heat flow lines. 
The section shape represented by each line can be defined by the depth-
width dimensions of that part of the cross section. These dimensions are 
indicated for line 4. Depending on the accuracy required and the complexity 
of the section the number of lines which have. to be used can be determined. 
In each line several different layers can be specified which are then 
further divided into increments. The nodes used in the heat flow computa-
tion are placed at the increments as well as at the surface of the blacktop 
and at the soffit. Due to a much larger temperature variation in the top 
slab as compared to areas deeper in the section it is advisable to divide 
lines such as 2 into a top slab layer, web layer and bottom slab layer. A 
higher density of nodes can then be specified where larger temperature 
variations are expected and higher accuracy would result. Sublayers of 
thickness between 10-25 mm are normally used in the top of the deck while 
thicknesses of 20-50 mm further down the section would suffice. 
The same sublayer system as described above is used to determine 
the properties of bridge sections and thermal curvatures. The area of each 
sublayer is determined by the product of its average width and its thickness. 
The center of gravity of each sublayer is assumed to be at the average depth 
of the sublayer. The accuracy obtained in the calculation of section 
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properties by using the layer method in this program can be evaluated by 
comparison with exact results obtained according to the method described 
in Appendix G. 
The heat flow program can. be used to compute the temperature 
distributions after every time interval. Alternatively, the temperature 
distribution for each section line can be specified and the resultant 
response computed. The response consists of the axial deformation, curva-
ture and the vertical distribution of residual stress in each section. 
Response output data is transferred to the program which calculates tempera-
ture continuity moments. 
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Blacktop 
Air bib 
Concrete 
Fig. B.l General Bridge Cross ·Section Modelled for 
Heat Flow Analysis 
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APPENDIX C 
INFLUENCE LINE COMPUTER PROGRAM 
C.1 Primary and Secondary Moments 
An influence line program was developed to compute the maximum and 
minimum bending moments and shear forces at 1/10th points of a mu1tispan 
prismatic and nonprismatic bridge. The original and final dead load moments 
and shear forces are also determined. The original dead load consists nor-
mally of the total weight of th~ superstructure at the time of post-tensioning 
and the final dead load includes any additional permanent loads which may be 
imposed on the structure after post-tensioning. The sectio~ properties of 
every segment between the midway position between l/lOth points are constant 
but may change from one segment to the next (Fig. C.1(a)). 
The influence line of every 1/10th point is determined by moving 
a unit load across the bridge structure., The bending moments and shear 
forces at every point are determined after every movement to a new position. 
The primary moments and shear forces are determined by releasing the rota-
tion constraints at the supports between spans. This implies that in the 
primary structure only one of the spans has non-zero bilinear bending moment 
and shear force diagrams. These diagrams are zero for all other spans. 
The bridge layout in Fig. C.l shows the bending moment and shear 
force diagrams in the primary and secondary structures. In the primary 
structures the bending moments and shear forces can be determined from 
statics (Fig. C.l(b-d)). The secondary moments are determined by employing 
the moment-area method as follows: 
By referring to the primary moment diagram 
11 
I i=l = 0 
where aBAp = 
M 0 = pl 
Ln = 
LiA = 
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rotation at B of span N in the primary structure due to 
unit load at a from point A, 
average primary moment in section i, 
length of span N, 
distance between support A and the center of gravity of 
the bending moment of segment i, 
Ii = moment of inertia of segment i, and 
Ec = modulus of elasticity'of concrete. 
Solving for 8BAp yields 
This rotation can be determined for span N.considering nine interior 
segments and two end half-length segments from 
= 
1 • [MN2 • LN • LN + MN10 • LN • 29· LN 
BAp LN-E c INl 80 30 INll 80 30 
1 
• (M~k MN(k+l) + MN(k-l) ) LN LN - (k - 2/3) 
-
INk 4 - 20· 10 
10 I~i • ( LN LN - ( i - 1 ) MN° - Mn(i-l) LN 2 ;~N] ] + oI MNi • TO- lD + 1 4 • 20 -1=2 
... .., ',.' :.,:'.~ .. '. 
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r 
[MNk I LN l·MN2 + MN10 2·9 1 I MN(k+l) + MN(k-l) = lOO.Ec IN1 ·24 I N11 • 24 - INk • 2 
k - 2/3 + 10 1 [ MNi 
MN° - MN ( i - 1 ) I ] .L (i -1 ) + 1 (C.2) • 4 1 =1 I Ni • 12 
C'".!_.:, - ._, .. 
..lIIIJIIClr 1.1, 
where 
10 
+ L 1 
i=2 INi • 
LN • (32/3-k) 
10 
rotation at B of span N in the primary structure due to 
a unit load at point k 
k l/lOth point at the position of the unit load = (lOa/LN), 
MNi = primary bending moment at point i span N, and 
LN = length of span N. 
leb Ileferenol Ro~ 
DD1vers1ty of 1111fi§i~ 
BI06 NOEL 
208 N. Romine 8ti'l§~t 
urbana, Illinois @l~ 
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The end rotations in the primary' structures of all spans other 
than the one on which the point load is imposed are zero. By referring to 
Fig. C.1(e) and (f) the end rotations of the primary structure can be deter-
mined from 
19-MB LN 39-LN 
+ "=:20:::----=-1 N-'-l • -20 • -4-0 - + 
10 1 
. L I N;'-;=2 
M 
+ A. 
20-I N11 
LN 29-LN 
.----+ 40 30 
10 1 [. MA - (11- i ) LN LN - (i - 1 ) 
; ~2 IN; •.. 10 - TO - 10 
LN [ MS 
2282-MB 10 1 
[ MS • . 2 Ms I = 1000-E
c · 24· INl 
+ + L IN; • (1-1) + 12 48-I N11 ;=2 
5S·MA 2g·M 10 1 [ MA • (i-l).(ll-i) - ~~ I ] A + I + + 24 - IN 11 IN; • 4S.I N1 ;=2 
(C.3) 
Similarly, 
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- + [ 
MB 
24 - I (N+ 1 )11 
2282 MB 
48- I (N+ 1 )'1 + . I 1. MB • (11- i ) 
2 10 [ 
J=2 I(N+l)j 
where 
MB ] 58-M 29·M 10 1 
• [ Me • Ol-i) c + c + I + IT + ~8-I(N+l)ll 24-I(N+l)1 j=2 I(N+l)j 
- (i=l) 
- ~~] ] = R - ~1 + S • M . B C 
i and j are 1/10th points and span Nand (N+l) respectively 
MA, MB, MC = secondary moments at supports A, B, and C 
respectively (positive as shown in Fig. C.l(f), 
and P, Q, R, S = multiplication factors for the secondary struc-
ture end rotations in Eqs. (C.3) and (C.4). 
The algebraic sum of the rotations at the internal support will be zero 
so that 
e p + P • MA + Q • MS + R • MB + S - MC = 0 
(C.4) 
where 8p = 8BAp or 8ABp for end rotations of the primary structure on 
which the unit load is applied 
and 8p = 0 for all other span end rotations. 
There are no secondary moments at the two ends of the bridge so 
that for the first interior support MA = 0 and for the last MC = o. A set 
of simultaneous equations can be solved to determine the interior support 
secondary moments. A structure with L spans would have (L - 1) unknowns, 
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where {MB} = array of interior support secondary moments, 
[Cs] = matrix of secondary endrotation coefficients. 
Consider a bridge structure with L spans and (L + 1) supports and 
apply a unit load on span N. The matrix and arrays can then be developed 
according to Fig. C.2. The Gauss elimination method is used to solve for 
the secondary moments. The total moment at each point is the algebraic sum 
of the primary and secondary moments at that point. 
After each movement of the unit load new Eqs. (C.l) - (C.4) are 
developed and the primary, secondary and total moments are calculated at 
each point. The influence line of each point is composed of the moment 
values at that point after each movement of the unit load. The influence 
line value of point i due to a unit load at point j in the superstructure 
is that of the bending moment at point i due to a unit load at j. 
The secondary shear forces are determined from secondary moments 
so that the shear force at support B in span BC is 
where MB and MC are the secondary moments at supports Band 
C respectively, and 
LBC = span BC 
The method for the determination of shear force influence lines is 
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similar to that described for the bending moments. Typical influence lines 
are shown in Fig. C.3. 
C.2 Influence Line Loadings 
The loads used for the computation of bending moment and shear 
force envelopes are described in the AASHTO Code (71). All of the loads 
specified in SI units (M18, MS18, M15, MS15, M9) and those specified in 
British units (H20, HS20, H15, HS15, H10) are options for the program of 
influence line loading. In each case the comparison of the maximum and 
minimum bending moment and shear force diagrams produced by both the three-
axle truck load and a uniformly distributed load combined with point loads 
yield the respective envelopes. An impact factor has to be included for both 
types of loads. 
The envelope at each point is computed by using the influence line 
at that point. The bending moment or shear force produced by a point load 
is the product of the ordinate of the influence line and the point load force. 
For a uniformly distributed load it is the product of the load value and the 
area under the influence lines of the section on which the load is applied. 
When the three-axle truck is the moving load applied to the bridge 
structure it can be proved that the maximum moment for point i (Fig. C.3) is 
produced when one of'the axle loads is applied at point i. On the other 
hand the minimum algebraic value is obtained when the truck load is applied 
on one of the adjacent spans. In the case of shear forces these values are 
obtained by application of all three axle loads on the left and right sides 
of point i, respectively. When the uniformly distributed load is used the 
maximum moments and shear forces are obtained when all the positive portions 
of the influence line diagrams are loaded. The negative portions of these 
diagrams have to be loaded to obtain minimum values for point i. All the 
possible load combinations are considered in this program for all of the 
l/lOth points on the bridge deck. The comparison of all the values of 
moments and shear forces obtained for every position gives the largest and 
smallest values from which the respective envelopes can be constructed. 
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When a point load is applied between l/lOth points the ordinate of 
the influence line at that position is determined from a second order poly-
nomial fitted through the ordinates of adjacent l/lOth points. Numerical 
integration is used in the case of uniformly distributed loads to compute 
the area under the curves. 
C.2.1 Numerical Integration of Areas under Influence Line Diagrams 
Various methods exist for numerical integration, e.g., trapezoidal 
rule, Simpson's rule, repeated halving and other more sophisticated methods 
(87). Depending on the accuracy required and the importance of the calcula-
tion an appropriate method can be selected. 
The direct method proved to be an accurate and simple method for 
the numerical integration of influence lines. This method is used to compute 
integration constants for the different ~rders of polynomials which can be 
constructed by using the ordinates of all or only a specific number of l/lOth 
points on each span. This set of integration constants has to be calculated 
only once and can be stored in memory for repetitive integration of differ-
ent influence lines. With the exception of simple approximate methods such 
as the trapezoidal rule an uneven number of equidistant ordinate points is 
necessary for numerical integration. 
The nonlinear polynomial passing through (n+l) number of ordinates 
is of the order n. 
f[x] 
where n is an integer and the ao ... an are the coefficients which have to 
be determined. According to the direct method all the coefficients can be 
determined by a simultaneous solution technique. The 'required set of equa-
tions is developed by directly evaluating the coefficients needed to satisfy 
the integration equation for a specific order function. 
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As illustration the five ordinate equidistant function in Fig. C.4 
(104) will be numerically integrated. In this case the ordinate spacing is 
taken as one. 
2 
J f(x) dx = ko f(-2) + kl f(-l) + k2 feD) 
-2 
+ k3 f(l) + k4 f(2) 
E 1 t th · t· f f() - 1 2 3 4 t· 1 va ua e lS equa lon or x - ,x, x , x , x , respec lve y. 
2 J f(x) dx ko k1 k2 k3 k4 f(x) 
-2 
4 1 
0 - 2 - 1 0 2 
16/3 4 1 0 4 
0 - 8 - 1 0 8 
64/3 16 0 16 
Solving the above set of equations according to the Gauss Elimina-
tion method yields: 
2 
J f(x) dx 
-2 
0.311 f(-2) + 1.422 f(-l) + 0.534 frO) 
+ 1.422 f(l) + 0.311 f(2) 
For point spacing other than unity the answer is multiplied by the interval 
1 ength. 
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The integration coefficients can similarly be determined for all 
other curves of which an uneven number of equidistant ordinates are known. 
A regular span with 1/10 points has eleven ordinates so that tenth order 
curves of influence lines represent the highest order polynomials to be 
integrated. 
The bending moment and shear force diagrams have a cusp and discon-
tinuity, respectively, at the point to which the influence diagrams apply. 
In both cases the area under the curves between that point and the support 
is computed by the highest order polynomial that can be constructed through 
the l/lOth point ordinates in that portion of the span. If an even number 
of ordinates exists in this portion the area under the curve directly adja-
cent to the support is calculated according to the trapezoidal rule and the 
rest of the area is calculated as described in this section. 
-1 
= - [C ] {e} s p 
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--Actual Section 
- - - --Approximated Section 
Span (N+l) 
=~~ I 
Poi nt 1 2 3 4 5 6 7 8 9 10 11 2 3 4 5 6 7 8 9 10 11 
(a) General Bridge Layout 
1 . 
~OVjng un~ Load 
a I... ,.1 
ab/LN 
(b) Primary structures 
~I 
(c) Primary Bending Moment Diagram 
,..--------b/L 
-all..:,-.'----____ ---' + 
(d) Primary Shear Force Diagram 
(e) Unit Moments Applied at Supports of the Primary 
Structures to Determine Secondary Moments 
(f) Secondary Bending Moment Diagram 
for Interior Span 
Fig. C.l Bridge Layout Showing Primary and Secondary Structures 
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-1 
M2 (Q2+R2) S2 \ 0 
M3 P3 (Q3+R3) S3 0 0 \ 
MN - - PN (.QN+RN) SN 8ABp 
MN+l 
'" 
8SAp 
0 0 
~ 
ML PL (QL+RL) 0 
where the subscripts in the matrix above refer to the supports for which the 
factors Q, R, Sand P are calculated. 
All the different coefficients above can be calculated from the 
appropriate Eqs. (C.l) - (C.4). 
Fig. C.2 Matrix and Vectors Used to Solve for the 
Secondary Moments 
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(a) Bridge Layout 
(b) Bending Moment Influence 
Line for Point i 
........... ~-. _::> ~ <::::::::::::::---~ 
(c) Shear Force Influence 
Line for Point i 
Fig. C.3 Influence Lines of Point on a Multispan Bridge 
y 
f[x] 
--~----~------~----~------~x 
-2 -1 o 2 
Fig. C.4 General Fourth Order Curve Fitted Through the 
Ordinates of Five Equidistant Points 
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APPENDIX D· 
PRESTRESSED BRIDGE COMPUTER PROGRAM 
0.1 Cable Profile 
This program computes the post-tensioning forces which are required 
when the cable profile, section properties and the bending moment envelopes 
are specified so that the maximum specified stresses are not exceeded at any 
point in the structure. 
The cable profile in each section can be specified by two, three 
or four continuous parabolas. The cable profile in Fig. D.l is uniquely de-
fined by specifying the constants Ya' Yb' Yc ' a, b, c, L. This profile can 
be applied to a different structure for which only two or three parabolas 
will suffice by using zero values for t~e appropriate constants. 
The .profile ordinates Y1 and Y2 are determined from 
and 
( ) l-a Y 2 =y b - Y c 1 -b + Y c · 
The parabolic curve constants a. to be used in the general equation 
1 
X2 can be determined from Y = a i 
= 
a2 = 
Yb - Yl 
(b_a)2 L2 
a3 = 
Y2 - Yb 
(1-b-c)2 L2 
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and 
0.2 Loss of Prestress 
The cable force at each l/lOth point is determined from 
p. = P e-(Kx + ~a) 
1 0 
where Po = jacking force = 1 kN, 
P. = cable force at point i, 1 
K = friction wobble coefficient per m, 
x = distance from the anchor, 
'j.1 = friction curvature coefficient, 
and a = angular change in cabl e profi 1 e. 
The curvature in each parabola is constant so that the friction 
losses are constant in each segment. 
If the tendons are intentionally overstressed during post-tensioning 
they are partially released before they are anchored. Slip at the anchor 
wedges will also cause partial release of anchor forces. Referring to Fig. 
0.2 the tendon force lies on AB when a jacking force of 1 kN is applied at 
A. After partial release and anchor the force diagram lies on CB. The 
diagram along CB is assumed to be a mirror image of AB about DB. After 
anchoring the maximum tendon force is at B. 
0.3 Bending Moments Due to Post~Tensioning 
These bending moments are computed by using the tendon forces 
detennined in Section 0.2. They consist of primary and secondary moments. 
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LN 1 ength of span N, 
and INi = moment of inertia of segment i of span N. 
0.3.2 Secondary Moments 
These moments are computed by a method similar to that described 
in Appendix C. The main difference, however, is that for the primary post-
tensioned structure each span has end rotations instead of only one span in 
the case of the influence line determination. The elements of the vector 
{8 i } are composed of (8SAp + 8SCp ) f~r all the interior supports and simul-
taneous equations can be solved for the secondary moments of the supports. 
The total post-tensioning moment at each l/lOth point in the bridge 
structure is the algebraic sum of the primary and secondary moments at that 
point. 
0.4 Total Stresses 
0.4.1 Stresses after Time-Dependent Losses Have Occurred 
The total maximum and minimum stresses which exist at each point 
after losses have occurred can be calculated from 
f t = 
and 
fb = 
where 
F 
F • p. F·M. ·Yt· Mti • Yti 1 pl 1 
- -A-.- - I . I. 
1 1 1 
F • P. F • M . • Yb' Mti • Ybi 1 
+ Pl 1 + 
- -A-.- I . I . 
1 1 1 
= top and bottom fiber stresses, 
= magnification factor of the unit post-tensioning 
forces, 
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p. = unit post-tensioning force at point i, 1 
MPi = total post-tensioningmornents at point i , 
Mti = final dead load moments combined with the maximum 
or minimum live loads at point i, and 
Yti and Ybi = distance of the neutral axis from the top and 
bottom of the deck at point i, respectively. 
The minimum possible value of F can be determined with the condi-
tion that the maximum allowable tension is not exceeded anywhere in the 
structure. Maximum tension is usually reached at only one point in the 
structure in the case of non-symmetric structures and at two points for 
symmetric structures. 
0.4.2 Time Dependent Losses 
ihese losses which consist of concrete creep and shrinkage, elastic 
shortening and the relaxation of prestressing steel can be calculated accord-
ing to the recommendations of the AASHTO Code (71). All losses are accounted 
for in the program except elastic shortening which can be compensated for at 
the time of post-tensioning. Losses due to creep of concrete and the relaxa-
tion of steel are dependent on the concrete stress and strengths at the time 
of post-tensioning. In order to obtain the concrete stresses at transfer an 
iterative method was adopted consistent with the facts that the tendon forces 
along the bridge are directly related·to the forces obtained from the unit 
jacking force and that the stresses at the point where the maximum tension 
is reached at the final stage (Section 0.4.1) must stay unchanged. 
Iteration occurs as follows: 
a) Assume a 17 percent time-dependent loss and calculated the 
maximum transfer stress at the point where the maximum stress was obtained 
at the final stage (gravity moments at transfer consist only of the original 
dead load moments). 
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~ Span N . . Span (N+1) 
--r 'qV'4 8 r~4~--
Point 1 2 3 4 5 6 7 8 9 10 11 1 2 3 4 5 6 7 8 9 10 11 
(a) Primary Bending Moment Diagrams 
1/10t.h Point i 
(b) Subdivision of Area Under Primary Moment Diagram 
Fig. 0.3 Primary Bending Moments Due to Post-Tensioning 
in Span Nand (N+l) 
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APPENDIX E 
TEMPERATURE CONTINUITY MOMENT PROGRAM 
E.1 Description 
This program computes the temperature continuity moments in a 
multispan structure. The same bridge superstructure as described for the 
influence line progra~ (Appendix C) is used, which implies that the struc-
ture may have different secti"on properties at each l/lOth point. The thermal 
curvatures computed in the heat flow program (Appendix B) are used to deter-
mine the continuity moments. These moments are calculated according to the 
moment-area method discussed in Appendix C, with the exception that only 
temperature induced curvatures and not bending moments exist in the primary 
structures. The curvatures are assumed' to be constant b~tween the midway 
positions between 1/10th points. Referring to Ffg. E.l the end rotations 
of spans Nand (N+l) at support B can be determined from 
[ <PN1 <PNll • 39 10 <PN i • (i - 1 ) ] 8 SAp = LN· 800 + + L 800 i=2 100 
and 
• [ <P (N+ 1)1 • 39 <P (N+ 11 ) 11 10 <P (N+ 1 ) j · (11- j ) ] SSCP = L(N+l) + + L 800 800 j=2 100 
where i , j = the 1/10th points in spans Nand (N+l), respectively, 
as shown in Fig. E.l, 
<PNi = thermal curvature of segment in span N. 
LN = length of span N. 
The secondary or continuity moments can be determined as explained 
in Appendices C and D. Due to the absence of primary moments only continuity 
moments contribute to temperature induced moments. 
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The program also combines the stresses due to all the loading cases, 
including prestressing, live and dead load, so that,the importance of thermal 
loading in the design of each structure can easily be determined. 
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--Actual Section 
- - - --Approximated Section 
Span N Span (N+l) 
(a) General Bridge Layout 
N N+l 
IIIIIIJILD t:;1 / 1-/ I I I I~~ 
(b) Thermal Curvature (~i) 
Fig. E.l General Bridge Structure Showing the Thermally 
Induced Curvatures 
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APPENDIX F 
EXAMPLE OF TEMPERATURE-INDUCED STRESSES 
F.l Description 
A simple example may be used to illustrate the various effects of 
a particular nonlinear temperature distribution on structural members. 
Figure F.l shows a simple rectangular member which is 1700 mm (66.9 in.) 
deep, and also shows the temperature distribution recommended by the New 
Zealand Ministry of Works and Development (79). This distribution in-
cludes two parts. In the upper 1200 mm(47.2 in.) there is a 32°C (57.6°F) 
temperature differential, varying as a fifth order curve. There is also a 
small linear variation of 1.5°C (2.7°F) in the bottom 200 mm (7.9 in.). The 
upper differential is primarily the result of heating by direct solar radia-
tion, and the lower part is apparently largely the result of solar radiation 
reflected off of the ground below the stru~ture. 
This temperature distribution produces stresses and curvatures in 
the section which are superimposed with stresses and curvatures from all 
other sources, as long as all sections remain elastic and uncracked. 
These stresses and deformations in an elastic uncracked member can 
be computed by a step-by-step procedure. The first step is to compute the 
stresses which would be caused if the section were completely restrained 
against deformation. The stress at any point then becomes 
where T(Y) temperature change at section considered, 
a c = coefficient of thermal expansion of material, and 
Ec = Young's modulus of material. 
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The stress distribution for the conditions shown in Fig. F.l are 
given in Fig. F.2, where it can be seen that complete restraint of the 
strains caused by a temperature rise of 32°C (57.6°F) leads to a compressive 
stress of 8 N/mm2 (1.16 k/in.2) if ~he material properties are cT = 
lOx lO-6/ oC (5.56 x 10-6/oF ) and Ec = 25 kN/mm2 (3.63 x 106 lb/in. 2), which 
are typical values for concrete. The thermal strains are of course not com-
pletely restrained, and have to be dealt with. 
Figure F.2(b) also shows the forces which would result from total 
restraint of the section. The two forces are 1600 kN/mm width (9140 kips/in.) 
of section near the top and an additional 37.5 kN/mm width (214 kips/in.) 
near the bottom. Both were obtained by integrating the area of the stress 
distribution shown in the same figure. 
The release of the restraint is equivalent to the application of 
the two concentrated forces to the cross-section, with the forces acting as 
tensions. For this example, the stresses produced in the rectangular sec-
tion by the application of these two forces are plotted in Fig. F.2(c). This 
linearly varying stress distribution is obtained by applying the simple 
equation 
f = PIA ± My/I 
to the two forces and summing the components. 
Adding together the stresses shown in Figs. F.2(b) and (c) leads 
to the net stress distribution shown in Fig. F.2(d). This stress distribu-
tion is one that internally satisfies equilibrium, in that there is no net 
axial force and no external bending moment. This is the stress distribution 
which would be caused by the assumed temperature distribution in a statically 
determinate member. 
While there are no external forces generated in this case, a net 
curvature develops, which leads to an upward deflection. The curvature can 
be found by either converting the stresses shown in Fig. F.2(c) to strains 
and dividing the algebraic difference by the section depth, or by finding 
256 
the net moment about the centroidal axis of the two forces shown in Fig. 
F.2(b), and dividing the moment by Er. The curvature for this example is 
-6 
<PT = 103.2 x 10 Rad/m. 
The upward deflection caused is aT = <PT(span)2/S, for a prismatic 
beam with a constant curvature. 
This tendency to gain camber, or deflect upward, induces additional 
forces and stresses in indeterminate structures. This is illustrated in 
Fig. 4, where a beam with the same section as considered previously is assumed 
to be used in a continuous beam with two spans of 25.0 m each. 
Figure F.3(b) shows the distribution of temperature-induced curva-
ture, which is constant along the length of the beam. This leads to the de-
formed shape in Fig. F.3(c), where it is indicated that a weightless beam 
would deflect upward by 32.25 mm (1.27 rn.) from the central support. A 
downward force must then be applied directly over the interior support to 
restore the deflection to zero, and this produces the moment diagram shown 
in Fig. F.3(d), which is specifically for a case with two equal spans. The 
magnitude of the moment is not dependent on the lengths of the spans. 
The moments caused by the restoring forces cause stresses in the 
member, which are superimposed with stresses from other causes. Figure F.4 
considers all of the stresses caused by the thermal gradient, and the stresses 
shown in Fig. F.4(d), for the section directly over the support, are signifi-
cant when compared to the normal allowable stresses or normal service load 
stresses. For example, if f~ = 30 N/mm2, the allowable service load compres-
sion of 0.4 f~ and tension of 0.5 ~ (6 ~ lb/in. 2) given by the AASHTO 
Bridge Specification lead to stresses of -12.0 and +2.74 N/mm2. 
These stresses are in opposition to the stresses caused by dead and 
live loads at the central support, but act in the same directions as the 
stresses generally imposed by the post-tensioned reinforcement, where the 
total compression at the bottom of the section over the central support may 
be very small when one considers the dead load plus post-tensioning forces. 
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At the midspan section, the'stresses due to temperature could be 
obtained by adding the stresses shown in Fig. F.4(b) to half the stresses 
shown in Fig. F.4(c). This leads to a net tension at the bottom, and a net 
compression at the top, where both stresses act in the same direction as 
stresses due to both dead and live ioads. 
The effects of the thermal loading on a three-span structure are 
in general worse than in this two-span case, because the interior span is 
subjected to a constant positive moment acting along the full length of the 
span. Thus, the temperature stresses and the live load stresses act together. 
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APPENDIX G 
NUMERICAL METHOD TO CALCULATE BRIDGE SECTION PROPERTIES 
G.l Description 
The section properties of any general cross section of width by at 
depth y and section depth d can be determined from 
and 
where A = 
y 
12 = 
and I = 
o 
Y = Jd by Y 'dy / A 
o 
12 = J.d 2 by y dy 
o 
- 2 I = 12 - A Y 
section area, 
neutral axis depth, 
section moment of inertia about the origin, 
section moment of inertia about the neutral axis. 
These quantities can be determined numerically by the subdivision 
of the section into triangles (33). This method ;s exact for sections with 
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straight edges. By considering the general triangular section (Fig. G.l) 
the calculation of its section properties is formulated as follows: 
and 
where Il = first moment of area. 
The general bridge section (Fig. G.2) is used for the illustration 
of the numbering system to be used ln the numerical analysis. The following 
equations can be developed (33): 
where 
A 
-y 
I - 2 = I2 - A Y 
i = node number, 
n = number of nodes (15 in the case of Fig. G.2) 
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These formulations can easily be incorporated in a computer program 
for the calculation of bridge section properties .. 
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Fig. G.2 A General Bridge Section Showing the Node Numbering 
System for the Numerical Calculation of Section 
Properti es 
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APPENDIX H 
KISHWAUKEE RIVER BRIDGE DESCRIPTION 
H.l Introduction 
The Kishwaukee River Bridge is located in Winnebago Country about 
four miles south of Rockford, Illinois. Rockford is located at 42° 121 N 
latitude and 89° 06 1 W longitude with elevation 220 m. This continuous five 
span structure was segmentally constructed using the cantilever method, with 
a launching girder. 
A general description of the structure is given here, but the 
experimental program undertaken to study the long term behavior of the bridge 
is only touched upon. An in-depth report and discussion of the experimental 
process has been done elsewhere (65). 
H.2 General Description 
The bridge pair across the Kishwaukee River consists of two iden-
tical parallel bridges, each bridge consisting of two 51.8 m (170 ft) end 
spans and three 76.2 m (250 ft) interior spans. Although the construction 
procedure was based on the cantilever method, the final structure is con-
tinuous across all five spans. Only the south bound bridge was studied. 
Figure H.l(a) shows the longitudinal layout of the structure. Each double 
cantilever portion was made up of 34 precast segments, while the end-span 
portions consisted of 6 segments. Adjacent double cantilevers were joined 
to each other with cast in-situ closure segments (Fig. H.l(b)). 
Typically, each segment has a total depth of 3.550 m (11 I 7-3/4"), 
in the center, a width of 12.5 m (41 ft) and a length of 2.134 m (7 ft). A 
typical cross section is shown in Fig. H.2. In each of the double canti- . 
levers the bottom flange thickens for segments closer to the piers (Fig. 
H.1(b)). 
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The section properties of all the different segments are listed in 
Tables H.l and H.2. The effects of the thickening caused by the partial 
diaphragms at the supports were ignored in all the analyses. Three segments 
Were instrumented, namely SB1-Nl, SB1-N9 and SB1-N16. They are situated near 
the support, at quarter span and at mid-span, respectively, of the first 
interior span. For the analytical structural computations the interpolated 
section properties at tenth points along each span. were used. 
H.3 Construction Sequence 
The whole erection process is not very important in this study, 
but a basic background is given in order to understand the reference to the 
time-dependent behavior of the structure. 
The whole construction process started on the northern end. Seg-
ments were added alternately to the ends of the cantilevers to minimize 
unbalanced moments. Once the cantilevers reached the adjacent ones and the 
closing segment had been cast and cured,.the continuity cables were stressed. 
The total continuous structure was finished 634 days after the first segment 
was placed. The total time-dependent analysis was done until 1234 days after 
the beginning of construction. The structural sequence is shown in Fig. H.3. 
H.4 Material Properties 
For the three segments concrete cylinder specimens stored indoors 
under controlled conditions as well as outdoors, were made for determination 
of concrete strength. The average 180 day strengths were 43.6 MPa (6330 psi) 
and 43.9 MPa (6370 psi) for the indoor and outdoor specimens, respectively. 
An average modulus of elasticity of 30.7 x 103 MPa (4450 ksi) was used for 
analytical data. 
Table H.1 Section Properties of Segments in the Double Cantilevers 
Segment Length Cross Moment Distance Distance Weight 
Sectional of of Top of Top 
Area Inertia Fiber to Fiber to 
Centroida1 Centroidal 
Axis Axis 
(m) (m2) (m4) (m) (m) ( kN/m) 
SO and NO 1.067 8.8335 17.5296 1.594 1 .956 208.2 
Sl and N1 2.149 8.6871 17 . 1891 1 .569 1 .981 204.7 
N 
0) 
S2 and N2 2.149 8.4013 16.4565 1 .515 2.035 . 198.0 OJ 
S3 and N3 2.149 8.1258 1.5.6532 1.458 2.092 191 .5 
S4 and N4 2.149 7.8600 14.7770 1.398 2.152 185.2 
S5 and N5 2.149 7.6045 13.8255 1.334 2.216 179.2 
S6 through S16 2.149 7.4806 13.3215 1 .301 2.249 176.3 
N6 through N16 
S17 and N17 0.727 7.4806 13.3215 1 .301 2.249 176.3 
Closure Segment 3.829 9.5774 18.9427 1.706 1.844 225.7 
Note: 1 m = 3.281 ft 
1000 kN/m = 68.52 k/ft 
Table H.2 Section Properties of Segments in the Side-Span Ends 
Segment Length Cross Mcment Distance Distance Weight 
Sectional of of Top of Bottom 
Area Inertia Fiber to Fiber to 
Centroi da 1 Centroidal 
Axis Axis 
(m) (m2) (m4) (m) (m) (kN/m) 
50 and NO 7.4806 13.3215 1 .301 2.249 176.3 
51 through 54 7.4806 13.3215 1 .301 2.249 176.3 
N1 through N4 N 
0) 
\0 
S5 and N5 7.4806 13.3215 1 .301 2.249 176.3 
Note: 1 m = 3.281 ft 
1000 kN/m = 68.52 k/ft 
N 
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(e ) Final Structure 
Ti me At Which Time At Which 
Closure Segment Continuity Tendons 
Substructure Is Cast Are Stressed 
6 382 387 
7 419 424 
8 441 446 
9 462 467 
10 629 634 
Note: Times Are In Days Since 6 Aug. 1977 
Fig. H.3 Sequence in which Double Cantilevers were Joined to 
Form Final Structure 
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APPENDIX J 
THEORETICAL DETERMINATION OF INPUT DATA FOR HEAT FLOW ANALYSES 
J.l Introduction 
The weather parameters involved in the heat flow analyses of bridges 
are solar radiation intensity, ambient temperature and wind speed. Limited 
data exist for many bridge sites and values for solar radiation are often 
nonexistent. When there is a lack of data the values of weather parameters 
can be estimated by a number of methods. Radiation on clear cloudless days 
can be fairly accurately determined by the methods of Threlkeld (95) and 
Duffie et al. (90). Ambient temperatures depend to a large extent on the 
time of year. Wind speeds are very difficult to estimate, h"owever, except 
for the general trend of slightly lower wind speeds in summer months as com-
pared to winter months. Each of the parameters will now be discussed in more 
detail. 
J.2 Solar Radiation 
The amount of extraterrestrial radiation impinging on the outer 
atmosphere of the earth during a specific day is a function of the movement 
of the earth around the sun on that day. The path of the earth around the 
sun is approximately circular with the sun located slightly off the circle 
center. The earth is the closest to the sun on a day around the 1st of 
January. In its most remote position on a day around the 1st of July it is 
about 3.3 percent farther away. The earth's axis of rotation is tilted about 
23.5 degrees with respect to its orbit about the sun. This tilted position 
of the earth determines the distribution of solar radiation over the surface 
of the earth. 
The position of any point P on the surface of the earth in relation 
to the sun can be defined by three time-dependent angles, i.e., the latitude 
L, hour angle H and the solar declination 0 (Fig. J.l). The latitude L is 
the angular distance of a point north or south of the equator. The hour angle 
H is the angle measured in the equatorial plane of the earth between the 
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projection of OP and the projection of a line from the center of the earth 
to the center of the sun. The hour angle is zero at solar noon. One hour 
of time is equivalent to 360°/24 or 15 degrees of " hour angle. The declina-
tion of the sun D is the angular distance of solar rays north or south of 
the equator. 
The declinatiori is defined as positive north of the equator which 
means that it varies from +23.5° in the summer solstice' to -23.5° in the 
winter solstice. At the equinoxes the declination is zero. 
J.2.l Derived Solar Angles 
Three additional solar angles are used to describe the position of 
the sun relative to a point P on the surface of the earth. They. are the 
solar zenitn angle ~, altitude angle S, and the solar azimuth angle y. These 
angles can be uniquely defined if the la~itude, the hour angle and the solar 
declination are specified. A particular surface orientation is characterized 
by the solar incidence angle 8. The angles"W., S, y and S are shown diagram-
matically in Fig. J.2, J.3 and J.4. 
a) Solar zenith angle ~ 
This is the angle between solar radiation and the normal to the 
horizontal plane at location P. 
b) Altitude angle or elevation 8 
The altitude angle is measured in a vertical plane between solar 
radiation and the projection of solar radiation on the horizontal plane 
(8 = n/2 - w). 
c) The solar azimuth angle y 
This angle is measured in the horizontal plane from the northern 
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direction to the horizontal projection of solar radiation. It is TI radians 
at solar noon and the angles before and after solar noon are defined as nega-
tive and positive, respectively. 
d) The incidence angle e 
The total amount of radiation received by a flat surface is a 
function of its orientation which is defined by the angle between solar 
radiation and the normal to the surface. If the surface is horizontal, 
e = 1jJ. 
J.2.2 Time Relevance 
The difference between local time, civil time and solar time is 
the following: Measurements are usually recorded in civil or watch time. 
The local time has to be determined for every location according to its 
precise longitude. Due to irregularities in the rotation of the earth there 
is a slight difference between solar time and local time, but this difference 
can be ignored for the radiation approximations. It will therefore suffice 
to use local time for all calculations. 
J.2.3 Equations Defining the Direction of Solar 
Radiation Relative to Surfaces 
By referring to Fig. J.2 and J.3 expressions for the solar angles 
can be derived as follows: 
Let a1, b1 and cl be the direction cosines of OP with respect to 
the x, y and z axes. Take a2, b2 and c2 as the corresponding direction 
cosines of I , where n In is solar radiation incidence. 
Thus: al = cos L cos H bl . = cos L sin H cl = sin L 
a2 = cos D b2 = 0 c2 = sin D 
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From analytical geometry it follows that 
so that 
cos l/J = cos L cos H cos 0 + sin L sin 
Since B = rr/2 - l/J, 
sin S = cos L cos H cos 0 + sin L sin 
It can similarly be proved that 
cos y = sec S (sin L cos H cos 0 - cos L 
At solar noon H = 0 
At sunset B = 0 
and at sunrise 
Snoon = rr/2 - IL - 01 
H s s = co s -1 (- tan L ta nO) , 
H 
sr 
J.2.3.l The incidence angle e 
0 
0 
sin 0) 
Referri ng to Fi g. 'J. 4 the express i on for the nonna 1 of the ti 1 ted 
surface to solar radiation can be derived as 
cos e = cos S cos X cos ¢ + sin S sin ¢ , 
277 
where x = wall solar azimuth angle used for vertical surfaces, 
¢ = angle of tilted surface relative to the vertical axis. 
For a vertical surface ¢ = 0 
cos e = cos S cos X . 
With a horizontal surface ~ = TI/2 
cos e = sin S = cos ~ 
J.2.3.2 Sun's Declination 
Since the period of the orbit of the earth about the sun does not 
coincide ~xactly with a calendar year, precise values for solar declination 
must be obtained from an ephemeris. A ·very good. approximation with maximum 
error of 0.30 and standard deviation of 0.150 can be obtained by using a 
trigonometric series (89): 
o = 0.302 - 22.93 cos (C) - 0.229 cos (2C) - 0.243 cos (3C) 
+ 3.851 sin (C) + 0.002 sin (2C) - 0.055 sin (3C), [Degrees] 
where C = 2 TI n/366 [Radians], and 
n = day of the year. 
J.4 Hourly Solar Radiation Intensity 
When the earth is at its mean distance from the sun, the solar 
radiation intensity upon a surface normal to solar radiation and at the outer 
limit of the atmosphere is about 1.402 kW/m2, with a probable error of ±2.0 
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percent (95). The intensity of solar radiation varies with the earth-sun 
distance. Because solar radiation is transmitted through the atmosphere it 
undergoes a variation in intensity due to scattering and absorption. The 
two main forms of solar radiation which reach the surface of the earth are 
direct beam and diffuse radiation. Direct beam radiation does not undergo a 
change in wavelength. Diffuse radiation comes from the entire sky vault be-
cause of scattering. 
Values of direct and diffuse radiation as well as clearness numbers 
can be determined from graphs developed by Threlkeld et al. (94). These 
solar radiation intensity values are given for every daylight hour at differ-
ent latitudes and must be multiplied by the applicable clearness numbers 
which depend on location within the USA. Clearness numbers range between 
0.9 in the Gulf Coast region to 1.15 in Nevada. A map of continental USA on 
which the clearness numbers are indicated (94) is presented in Fig. J.S. 
J.4.1 Direct Solar Radiation Intensity 
The direct solar radiation values In as determined by Threlkeld 
(94) can be approximated by a trigonometric series (89) 
where 
I = CN· GZ e(- TI/cos S) 
n 
CN = clearness number 
GZ = 1162.4 + 77.4 cos (C) - 3.6 cos (2C) - 3.4 cos (3C) 
+ 1.8 sin (C) - 0.6 sin (2C) + 0.9 sin (3C) 
T = 0.1717 - 0.0344 cos (C) + 0.0032 cos (2C) + 0.0024 cos (3C) 
- 0.0043 sin (C) - 0.0008 sin (3C), 
S = solar zenith angle which is a function of the time of 
the day 
and C = 2 TI n/366, where n = day of the year. 
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J.4.2 Diffuse Sky Radiation 
Due to the non-directional nature of diffuse radiation it is more 
difficult to measure than direct solar radiation. The values of diffuse 
radiation are independent of location, but vary according to the time of day 
and the time of the year (94). The graphs for diffuse radiation developed 
by Threlkeld (94) can be approximated by (89): 
where 
GO = 0.0905 - 0.041 cos (C) + 0.0073 cos (2C) + 0.0015 cos (3C) 
- 0.0034 sin (C) + 0.0004 sin (2C) - 0.0006 sin (3C) 
J.4.3 Total Irradiation of a Surface During Clear Days 
·With the angle of incidence known the component of direct radiation 
on any surface can be calculated from 
I = o 
The total solar radiation incident upon a surface at any instant 
of time, It, can be determined from 
where 
IR = reflected radiation from other surfaces. 
This component is very difficult to determine and will be ignored in all 
approximations. 
J.5 Ambient Temperature Variation 
The other important weather parameter for the analysis of bridge 
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temperature distributions is the variation of ambient air temperature. The 
change in daily temperature variation has a much smaller influence on the 
bridge temperature distribution than total insolation or wind speed (Chapter 
5). This means that even an approximate temperature variation curve which 
joins the maximum and minimum temperatures of a day would yield acceptable 
input data for heat flow analysis. At most weather stations where hourly 
temperature records are not kept the values of maximum ,and minimum ambient 
temperatures will be available. During June and July the minimum and maxi-
mum temperatures occur normally between 400-600 hours and 1400-1600 hours, 
respectively. The temperature variation between these extremes is almost 
sinussoidal. A Fourier type sinussoidal curve, however, is difficult to ob-
tain and may unnecessarily complicate the analysis. Dempsey (98) obtained 
results with acceptable accuracy in the temperature analyses of pavement 
temperatures by approximating the temperature variation with straight lines 
between the temperature extremes. This 'approach is deemed acceptable to 
prepare input data for bridge temperature analyses. 
J.6 Wind Speed 
Wind speed has a substantial influence on the amount of heat which 
is lost or gained by a bridge structure as a result of convection heat trans-
fer (Chapter 5). Priestley (24) used the minimum average wind speed value 
for analyses at different locations. If only statistical averages of weather 
data are available, as is often the case, the mean hourly wind speeds for 
individual months will be recorded, but extreme values will not be available. 
This approximation can usually be tolerated, because it is statistically very 
unlikely that extreme values for solar radiation and wind speed will be ob-
tained on the same day. The months of June and July are usually character-
ized by the minimum average wind speeds during a calendar year. 
281 
NC!) 
--+--- I 
Solar Radiation 
In 
Fig. J.l latitude (l), Hour Angle (H) and 
the Solar Declination (D) 
S N 
E 
Fig. J.2 Definition of the Solar 
Zenith (~), Altitude (8) 
and Azimuth (y) Angles 
.2 
y 
N 
J 
" I 
, J 
" '\ 
Fig. J.3 Relation of a Point on the 
Surface of the Earth Relative 
to Solar Radiation 
282 
F· J.4 Solar Radiation Relative to Tilted Surface 1 g. 
S- Summer 
W-Winler 
Fig. J.5 Estimated Atmospheric Clearness Numbers for Non-Industrial 
Locations in the USA (Reprinted by Permission from Ref. 95) 
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